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PREFACE

The AISC Load and Resistance Factor Design (LREFD) Specification for Structural Steel
Buildings is based on reliability theory. As have all AISC Specifications, this Specifica-
tion has been based upon past successful usage, advances in the state of knowledge, and
changes in design practice. This Specification has been developed as a consensus docu-
ment to provide a uniform practice in the design of steel-framed buildings. The intention
is to provide design criteria for routine use and not to provide specific criteria for infre-
quently encountered problems, which occur in the full range of structural design.

This Specification is the result of the consensus deliberations of a committee of structural
engineers with wide experience and high professional standing, representing a wide geo-
graphical distribution throughout the U.S. The committee includes approximately equal
numbers of engineers in private practice and code agencies, engineers involved in
research and teaching, and engineers employed by steel fabricating and producing com-
panies. The contributions and assistance of more than 50 additional professional volun-
teers working in 15 task committees are also hereby acknowledged.

The Symbols, Glossary, and Appendices to this Specification are an integral part of the
Specification. A non-mandatory Commentary has been prepared to provide background
for the Specification provisions and the user is encouraged to consult it.

The principal changes incorporated in this edition of the Specification include:

¢ Dual units format. Values and equations are given in both U.S. customary
and metric units. The metric conversions (given in parentheses following
the U.S. units) are based on ASTM E380, Standard Practice for Use of the
International System of Units (SI). The equations are non-dimensionalized
where possible by factoring out material constants, such as £ and G.

e Inclusion of new structural steels ASTM A913 and A992.

¢ Additional notch toughness requirements for complete-joint-penctration
groove welds with tension applied normal to the effective area.

* New provisions for stability bracing of beams, columns, and frames.

e New Chapter N for evaluation of existing structures.

¢ Revised provisions for member design under fatigue loading in Appendix
K.
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iv PREFACE

¢ Reorganization of material on pin-connected members and eyebars.

¢ Revised provisions for concrete-encased beams.

* New limitation on the stud reduction factor when a single stud is used in a
rib.

¢ Revised bolt bearing strength criteria.

The reader is cautioned that professional judgment must be exercised when data or recom-
mendations in the Specification are applied, as described more fully in the disclaimer
notice preceding this Preface.

By the Committee,

Stanley D. Lindsey, Chairman Nestor R. Iwankiw
Roger E. Ferch, Vice Chairman ~ Lawrence A. Kloiber
Hansraj G. Ashar Roberto T. Leon
William F. Baker H.S. Lew

John M. Barsom James O. Malley

Reidar Bjorhovde Richard W. Marshall
Roger L. Brockenbrough Harry W. Martin
Wai-Fah Chen William A. Milek

Duane K. Miller
Thomas M. Murray
R. Shankar Nair

Gregory G. Deierlein
Robert O. Disque
Duane S. Ellifritt

Bruce R. Ellingwood
Shu-Jin Fang

Steven J. Fenves
James M. Fisher

John W. Fisher
Theodore V. Galambos
Lawrence G. Griffis
James R. Harris

Tony C. Hazel

Mark V. Holland
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SYMBOLS

The section number in the right hand column refers to the section where the symbol is first
used.

Symbol Definition Section
A Area of directly connected elements . . . . . . . . ... ... .. B3
Ap Loaded area of concrete, in>(mm?%. . . . . . .. ... ... ... 12.4
A, Nominal unthreaded body area of bolt or threaded
part,in?(mm?) . . ... ... 13.6
A, Areaof concrete, in> (mm?) . . . . .. .. ... ... ... ... 122
A, Area of concrete slab within effective width, in.> (mm?) . . . . . . 152
Ap Area of an upset rod based on the major thread diameter,
nimmd) ..., J3.6
A, Effective area, in2 (mm?) . . . . . . . .. ... ... ... ... . B3
Ay Area of the compression flange, in.> (mm?). . . . . . . . ... .. App. F3
Ay, Effective tension flange area, in.” (mm?) . . . . . .. .. .. ... B10
Ay Gross area of flange, in> (mm?). . . . .. .. ... ... .. ... B10
Ag, Netareaof flange, in.> (mm?). . . . . . . . ... ... ... ... B10
A, Grossarea, in> (mm?). . . . . . .. ... AS
Ay Gross area subject to tension, in.> (mm?) . . . . . . ... ... .. J43
Ay, Gross area subject to shear, in.> (mm?) . . . . .. ... ... ... J43
A, Netarea, in> (mm?) . . . . .. .. .. ... ... B2
A, Net area subject to tension, in.*(mm?) . . . ... ... ... ... J42
A, Net area subject to shear, in.> (mm?®) . . . . ... ... ... ... J41
Ay Projected bearing area, in*(mm?). . . . . . ... ... ... ... 18.1
A, Area of reinforcing bars, in> (mm?). . . . . ... ... ... ... 12.2
A, Area of steel cross section, in2 (mm?) . . . .. ... ... ... . 12.2
Ay Cross-sectional area of stud shear connector, in.>(mm?) . . . . . . 153
Ay Shear area on the failure path, in.> (mm?). . . . . . ... ... .. D3
A, Net tensile area, in> (mm?) . . . . . . ... ... ... ... ... App. K3
A, Webarea, in®> (mm?® . . ... ... ... ... F2.1
Ay Area of steel concentrically bearing on a concrete support,
mimmd) ... J9
A, Total cross-sectional area of a concrete support, in.> (mm?) . . . . J9
B Factor for bending stress in tees and double angles . . . . . . . . F1.2
B Factor for bending stress in web-tapered members, in. (mm),
defined by Equations A-F3-8 through A-F3-11. . . . . . ... .. App. F3
B, B, Factors used in determining M, for combined bending and axial
forces when first-order analysis isemployed . . . . . . . . . . .. Cl
Cpg Plate-girder coefficient . . . . . . . ... ... . ..., . ..., App. G2
Cy Bending coefficient dependent on moment gradient . . . . . . . . Fl.2a
Cy Constant based on stress category, given in Table A-K3.1 . . . . . App.K3.3
Cpn Cocfficient applied to bending term in interaction formula
for prismatic members and dependent on column curvature
caused by applied moments . . . . . . ... ... ... ... .. Cl
C, Cocfficient applied to bending term in interaction formula

for tapered members and dependent on axial stress at the
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smallend of the member . . . . . . . .. . ... ... .....

Ponding flexibility coefficient for primary member in a flat

roof . . .

Ponding flexibility coefficient for secondary member in a

flatroof . . . . . . . . ..

Ratio of “critical” web stress, according to linear buckling

theory, to the shear yield stress of web material . . . . . . . ..
Warping constant, in.° (mm®) . . . . . ... ... ... ... ..
Outside diameter of circular hollow section, in. (mm) . . . . . .

Dead load due to the weight of the structural elements and

permanent features on the structure; nominal dead load . . . . .

Factor used in Equation A-G4-2, dependent on the type of

transverse stiffeners used in a plate girder . . . . . . . . . . ..

Modulus of elasticity of steel, £ =29,000 ksi (200 000 MPa)
Earthquake load

Modulus of elasticity of concrete, ksi (MPa) . . . . . . . .. ..
Modified modulus of elasticity, ksi(MPa) . . . . . ... .. ..
Nominal strength of the base material to be welded, ksi (MPa) . .

Classification number of weld metal (minimum specified

strength), ksi(MPa) . . . . ... ... ... .. ... . ....
Smaller of (Fy—F)orF, ksi(MPa) . . . . ... ... ... ...
Design stressrange, ksi(MPa) . . . . . . ... ... ..

Threshold fatigue stress range, maximum stress range for

indefinite design life, ksi(MPa) . . . . ... .. ... ... ..

Flexural stress for tapered members defined by Equations

A-F3-4and A-F3-5 . . . . . . . ... ...
Critical stress, ksi(MPa) . . . . . ... ... .. ... .....

Flexural-torsional buckling stresses for double-angle

and tee-shaped compression members, ksi (MPa) . . . . . . . .
Elastic buckling stress, ksi(MPa) . . . . ... ... ... ...
Elastic flexural buckling stress about the major axis, ksi (MPa) . .
Elastic flexural buckling stress about the minor axis, ksi (MPa) . .
Elastic torsional buckling stress, ksi (MPa). . . . . .. . .. ..
Modified yield stress for composite columns, ksi (MPa) . . . . .
Nominal shear rupture strength, ksiMPa) . . . . . .. . .. ..

Compressive residual stress in flange [10 ksi (69 MPa) for

rolled shapes; 16.5 ksi (114 MPa) for welded built-up shapes]. . .

Stress for tapered members defined by Equation A-F3-6,

ksi(MPa) . . . . ... .. ...

Specified minimum tensile strength of the type of steel

beingused, ksi(MPa). . . . . ... ... ... .. ... ...,
Nominal strength of the weld electrode material, ksi (MPa) . . . .

Stress for tapered members defined by Equation A-F3-7,

ksi(MPa) . . . . ... .. ...

Specified minimum yield stress of the type of steel being
used, ksi (MPa). As used in this Specification, “yield
stress” denotes either the specified minimum yield point
(for those steels that have a yield point) or specified yield
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SYMBOLS Xvii

strength (for those steels that do not have a yield point) . . . . . . A5
Fy Specified minimum yield stress of the flange, ksi (MPa). . . . . . B5.1
F, Specified minimum yield stress of reinforcing bars,
ksiMPa) . . .. ... 12.2
Foy Specified minimum yield stress of the stiffener material,
ksi(MPa) . . ... ... ... App. G4
F,, Specified minimum yield stress of the web, ksi (MPa) . . . . . . B5.1
G Shear modulus of elasticity of steel, G = 11,200 ksi
(77200MPa). . . .. ... F1.2
H Horizontal force, kips(N). . . . . . . .. ... ... ... .... Cl
H Flexuralconstant . . . . . . ... . ... ... . ......... E3
H, Length of stud connector after welding, in. (mm) . . . . . . . .. 13.5
I Moment of inertia, in* (mm*). . . . . .. ... ... F1.2
1; Moment of inertia of the steel deck supported on secondary
members, in' (mm*) . ... K2
I, Moment of inertia of primary members, in.*(mm*. . . . . . . . . K2
I Moment of inertia of secondary members, in.* (mm®) . . . . . . . K2
1, Moment of inertia of a transverse stiffener, in.* (mm®*) . . . . . . . App. G4
1. Moment of inertia about y-axis referred to compression flange, or if
reverse curvature bending referred to smaller flange, in.* (mm*). . App. F1
J Torsional constant for a section, in." (mm"). . . . . .. ... ... F1.2
K Effective length factor for prismatic member. . . . . . . . . . .. B7
K, Effective length factor for torsional buckling. . . . . . . . .. .. App. E3
K, Effective length factor for a tapered member. . . . . . . . . . .. App. F3
L Story height or panel spacing, in. (mm). . . . . . ... ... ... Cl
L Length of connection in the direction of loading, in. (mm). . . . . B3
L Live load due to occupancy and moveable equipment . . . . . . . N4
Ly Laterally unbraced length; length between points which are either
braced against lateral displacement of compression flange or braced
against twist of the cross section, in. (mm) . . . . . .. . ... .. F1.2
L. Length of channel shear connector, in. (mm). . . . . . . ... .. 154
L. Edge distance, in. (mm). . . . . . . ... ... . ......... J3.10
L, Limiting laterally unbraced length for full plastic bending capacity,
uniform moment case (C,= 1.0),in. (mm) . . . . . ... ... .. F1.2
L, Column spacing in direction of girder, ft (m). . . . . . . . . . .. K2
Ly Limiting laterally unbraced length for plastic analysis,
(M) . . ... F1.2
L, Maximum unbraced length for the required column force with
Kequaltoone,in. (mm) . . . ... ... ............. C3
L, Limiting laterally unbraced length for inelastic lateral-
torsional buckling, in. (mm). . . . . ... ... .. ... . .... F1.2
L, Roofliveload . . . . . .. . ... .. ... . ... ... ... N4
L, Column spacing perpendicular to direction of girder, ft (m) . . . . K2
M, Absolute value of moment at quarter point of the unbraced
beam segment, kip-in. N-mm) . . . . .. . ... ... ..... F1.2
My Absolute value of moment at centerline of the unbraced
beam segment, kip-in. N-mm) . . . . .. . ... ... ..... F1.2
M, Absolute value of moment at three-quarter point of the
unbraced beam segment, kip-in. N-mm). . . . . . ... . .. .. F1.2
M,, Elastic buckling moment, kip-in. N-mm) . . . . ... ... ... F1.2
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Required flexural strength in member due to lateral frame

translation only, kip-in. (N-mm) . . . . . ... ... ... ...

Absolute value of maximum moment in the unbraced

beam segment, kip-in. N-mm) . . . . . . . ... ... ....
Nominal flexural strength, kip-in. (N-mm) . . . . . .. ... ..

Flexural strength defined in Equations A-H3-7 and A-H3-8 for use
in alternate interaction equations for combined bending and axial
force, kip-in N-mm) . . . . . ... ... ... . ..... ...
Required flexural strength in member assuming there is no lateral
translation of the frame, kip-in. N-mm) . . . . . . ... . ...
Plastic bending moment, kip-in. (N-mm). . . . . . ... .. ..

Moment defined in Equations A-H3-5 and A-H3-6, for use in
alternate interaction equations for combined bending and axial

force, kip-in N-mm) . . . . . ... ... ... . ..... ...
Limiting buckling moment, M,,, when A = A, and C,, = 1.0, kip-in.
N-mm) . . ...
Required flexural strength, kip-in. (N-mm). . . . . . . . .. ..

Moment corresponding to onset of yielding at the extreme fiber
from an elastic stress distribution (= F}, .S for homogeneous

sections), kip-in. (N-mm) . . . . . . ... .. ... ... ....

Smaller moment at end of unbraced length of beam or

beam-column, kip-in. (N-mm) . . . . .. .. ... ... ....

Larger moment at end of unbraced length of beam or

beam-column, kip-in. (N-mm) . . . . .. .. ... ... ....
Length of bearing, in. (mm). . . . . ... ... . ..... ...
Number of stress range fluctuations in designlife . . . . . . . .
Number of stud connectors in one rib at a beam intersection. . . .
Required story or panel bracing shear force, kip (N) . . . . . . .

Elastic Euler buckling load for braced and unbraced frame,

respectively, kips N) . . . . . .. ..
Nominal axial strength (tension or compression), kips (N). . . .
Bearing load on concrete, kips(N) . . . . . ... ... ...
Required axial strength (tension or compression), kips (N) . . . .
Yield strength, kips (N) . . . . . . . ... ... ... ... ...
Full reduction factor for slender compression elements . . . . .
Reduction factor for slender stiffened compression elements . . .
Nominal strength of one stud shear connector, kips (N) . . . . .
Reduction factor for slender unstiffened compression elements . .

Nominal load due to initial rainwater or ice exclusive of the

ponding contribution . . . . . ... ... ... ... ... ...
Plate girder bending strength reduction factor . . . . . . . . . .
Hybrid girder factor . . . . . . . ... ... .. ... ...
Nominal strength . . . . . .. ... ... ... . ..... ...
Web shear strength, kips (N) . . . . ... ... ... ......
Elastic section modulus, in.*> (mm?®). . . . . ... ... ... ..
Spacing of secondary members, ft(m) . . . . .. . ... .. ..
Smowload . . . . . . ... ... ...
Elastic section modulus of larger end of tapered member about its
major axis, inA (mm®). . ... ...
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Effective section modulus about major axis, in.>(mm®) . . . . . . App. F1
Elastic section modulus referred to tension and compression

flanges, respectively, in*(mm®). . . . . . . ... ... ... ... App.Fl
Tension force due to service loads, kips(N) . . . . .. . ... .. J3.9
Specified pretension load in high-strength bolt, kips (N). . . . . . J3.9
Required tensile strength due to factored loads, kips (N). . . . . . J3.9
Reduction coefficient, used in calculating effective netarea . . . . B3
Nominal shear strength, kips(N) . . . . . ... ... ... .... F2.2
Required shear strength, kips(N). . . . . ... ... ... .. .. App. G4
Windload. . . . . .. ... ... ... Comm. A4
Beam buckling factor defined by EquationF1-8 . . . . . . . . .. F1.2
Beam buckling factor defined by EquationF1-9 . . . . . . . . .. F1.2
Plastic section modulus, in> (mm?® . . . . . .. ... .. ... .. F1.1
Clear distance between transverse stiffeners, in. (mm). . . . . . . App. F2.2
Distance between connectors in a built-up member, in. (mm) . . . E4
Shortest distance from edge of pin hole to edge of member

measured parallel to direction of force, in. (mm) . . . . . . . . .. D3

Ratio of web area to compression flange area . . . . . . . . . .. App. G2
Weld length, in. (mm). . . . ... .. .. ..... ... ..... B10
Compression element width, in. (mm) . . . . .. ... . ... .. B3.1
Reduced effective width for slender compression elements,

I(MM) . . . .. App.B5.3
Effective edge distance, in. (mm) . . . . . ... ... ... ..., D3
Flange width, in. (mm) . . . . . . . ... ... . ......... B3.1
Stiffener width for one-sided stiffeners, in. (mm) . . . . . . . . . C34
Numerical coefficients . . . . . . . ... ... . ..... .... 12.2
Nominal fastener diameter, in. (mm) . . . . . ... ... ..... J33
Overall depth of member, in. (mm) . . . . . ... . ... ... .. B3.1
Pindiameter, in. (mm) . . . . .. . ... ... ... ... .... D3

Roller diameter, in. (mm) . . . . . . ... ... ... ....... J8.2
Depth at larger end of unbraced tapered segment, in. (mm) . . . . App. F3
Beam depth, in. (mm). . . . . ... ... ... . ..., ..., K1.7
Nominal diameter (body or shank diameter), in. (mm). . . . . . . App.K3.3
Column depth, in. (mm). . . . ... ... ... ... .. ..... K1.7
Depth at smaller end of unbraced tapered segment, in. (mm) . . . App. F3
Base of natural logarithm=271828. .. . . . ... ... ... .. Comm. E2

Computed compressive stress in the stiffened element, ksi (MPa) . App. B5.3
Smallest computed bending stress at one end of a tapered

segment, ksi(MPa) . . . . . . ... ... ... ... . ... . App. F3
Largest computed bending stress at one end of a tapered

segment, ksi(MPa) . . . . . . ... ... ... ... . ... . App. F3
Specified compressive strength of concrete, ksi (MPa). . . . . . . 22
Stressdueto 1.2D+ 12R ksi(MPay . . . . ... ... ... ... App. K2
Required normal stress, ksi(MPa) . . . . ... ... ... . ... H2
Required shear stress, ksi(MPa) . . . . . ... ... ... .... H2
Required shear stress due to factored loads in bolts or rivets,

ksiMPa) . . .. ... J3.7
Transverse center-to-center spacing (gage) between fastener

gage lines, in. (mm) . . . . . ... ... ... ... ........ B2

Clear distance between flanges less the fillet or corner radius for
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rolled shapes; and for built-up sections, the distance between
adjacent lines of fasteners or the clear distance between flanges

when welds are used, in. (mm) . . . . .. ... ... ... .... B3.1
Distance between centroids of individual components perpendicular
to the member axis of buckling, in. (mm). . . . . . ... .. ... E4

Twice the distance from the centroid to the following: the inside
face of the compression flange less the fillet or corner radius, for
rolled shapes; the nearest line of fasteners at the compression flange
or the inside faces of the compression flange when welds are used,

for built-up sections, in. (mm) . . . ... ... . ..... .... B3.1
Distance between flange centroids, in. (mm) . . . . . . . . .. .. C3
Nominal rib height, in. (mm) . . . . . .. ... .. .... .... 13.5
Factor used in Equation A-F3-6 for web-tapered members. . . . . App. F3
Factor used in Equation A-F3-7 for web-tapered members. . . . . App. F3
Factor defined by Equation A-F2-4 for minimum moment of

inertia for a transverse stiffener. . . . . . .. .. ... App. F2.3
Distance from outer face of flange to web toe of fillet, in. (mm). . K1.3

Web plate buckling coefficient . . . . . . .. .. ... ... ... App. F2.2
Laterally unbraced length of member at the point of load, in. (mm) B7
Length of bearing, in. (mm). . . . . ... ... . ......... Jg8.2
Length of connection in the direction of loading, in. (mm). . . . . B3
Lengthof weld,in. (mm) . . . . . . ... ... .......... B3

Ratio of web to flange yield stress or critical stress in hybrid

beams . . . . .. ... App. G2
Number of nodal braced points withinthespan . . . . . . . . .. C3
Threads perinch (permm) . . . . . . .. ... ... ... .... App. K3.4
Governing radius of gyration, in. (mm). . . . .. ... . ... .. B7

For the smaller end of a tapered member, the radius of gyration,

considering only the compression flange plus one-third of the

compression web area, taken about an axis in the plane of the web,

in(mm). . ... ... App.F3.4
Minimum radius of gyration of individual component in a built-up

member, in. (mm) . . ... ... E4
Radius of gyration of individual component relative to centroidal

axis parallel to member axis of buckling, in. (mm). . . . . . . . . E4
Radius of gyration of the steel shape, pipe, or tubing in composite

columns. For steel shapes it may not be less than 0.3 times the

overall thickness of the composite section, in. (mm) . . . . . . . . 2

Polar radius of gyration about the shear center, in. (mm). . . . . . E3
Radius of gyration about x and y axes at the smaller end of a

tapered member, respectively, in. (mm). . . . .. ... ... App. F3.3
Radius of gyration about x and y axes, respectively, in. (mm) . . . E3

Radius of gyration about y axis referred to compression flange, or
if reverse curvature bending, referred to smaller flange, in. (mm) . App. F1
Longitudinal center-to-center spacing (pitch) of any two consecutive

holes,in. (mm) . . . ... .. ... ... .. ... ........ B2

Thickness of element, in. (mm) . . . . .. . ... .. ....... B3.1
HSS design wall thickness, in. (mm) . . . . . . ... ... .... B3.1
Flange thickness, in. (mm) . . . . . ... ... . ......... B3.1
Flange thickness of channel shear connector, in. (mm). . . . . . . 154
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Web stiffener thickness, in. (mm). . . . . . ... . ... .....
Web thickness of channel shear connector, in. (mm) . . . . . . . .
Web thickness, in. (mm) . . . ... ... .. ... ... ....
Leg size of the fillet weld, in. (mm). . . . . . . ... ... ....
Plate width; distance between welds, in. (mm) . . . . . . . .. ..
Unit weight of concrete, Ibs/cu ft. (kg/m®) . . . . . . .. ... ..
Average width of concrete rib or haunch, in. (mm). . . . . . . . .
Subscript relating symbol to member strong axis

Coordinates of the shear center with respect to the centroid,
ino(mm). . . ...
Connection eccentricity, in. (mm). . . . . . ... ... . .....
Subscript relating symbol to member weak axis

Distance from the smaller end of tapered member used in
Equation A-F3-1 for the variation in depth, in. (mm). . . . . . . .
Subscript relating symbol to member longitudinal axis

Separation ratio for built-up compression members=h/2r, . . .
Reduction factor given by EquationJ2-1. . . . . .. .. . .. ..
Brace stiffness requirement when there is no web

distortion . . . . . . ...
Required nodal torsional bracing stiffness . . . . . . .. . .. ..
Required story or panel shear stiffness . . . . . . .. ... . ...
Web distortional stiffness, including the effect of web transverse
stiffeners, ifany . . . . . . . ... ... L
Translation deflection of the story under consideration,

ino(mm). . . ...
Depthtaperingratio . . . . . . . . ... ... . ..., . ....
Subscript for tapered members . . . . . . . ... ... L. L
Exponent for alternate beam-column interaction equation . . . . .
Exponent for alternate beam-column interaction equation . . . . .
Column slenderness parameter . . . . . . . ... ... . .....
Equivalent slenderness parameter. . . . . . . . .. ... ... ..
Effective slenderness ratio defined by Equation A-F3-2 . . . . . .
Limiting slenderness parameter for compact element . . . . . . .
Limiting slenderness parameter for noncompact element . . . . .
Resistance factor . . . . . .. . ... ...
Resistance factor forflexure . . . . . . . . ... . ...
Resistance factor for compression . . . . . .. ... ... . ...
Resistance factor for axially loaded composite columns . . . . . .
Resistance factor for shear on the failure path . . . . . . . . . ..
Resistance factor fortension . . . . . . . . ...
Resistance factor forshear . . . . . . .. . ... L.
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GLOSSARY

Alignment chart for columns. A nomograph for determining the effective length factor X
for some types of columns

Amplification factor. A multiplier of the value of moment or deflection in the unbraced
length of an axially loaded member to reflect the secondary values generated by the
eccentricity of the applied axial load within the member

Aspect ratio. In any rectangular configuration, the ratio of the lengths of the sides

Batten plate. A plate element used to join two parallel components of a built-up column,
girder, or strut rigidly connected to the parallel components and designed to transmit
shear between them

Beam. A structural member whose primary function is to carry loads transverse to its lon-
gitudinal axis

Beam-column. A structural member whose primary function is to carry loads both trans-
verse and parallel to its longitudinal axis

Bent. A plane framework of beam or truss members which support loads and the columns
which support these members

Biaxial bending. Simultaneous bending of a member about two perpendicular axes

Bifurcation. The phenomenon whereby a perfectly straight member under compression
may cither assume a deflected position or may remain undeflected, or a beam under
flexure may either deflect and twist out of plane or remain in its in-plane deflected posi-
tion

Braced frame. A frame in which the resistance to lateral load or frame instability is pri-
marily provided by a diagonal, a K brace, or other auxiliary system of bracing

Brittle fracture. Abrupt cleavage with little or no prior ductile deformation

Buckling load. The load at which a perfectly straight member under compression assumes
a deflected position

Built-up member. A member made of structural metal elements that are welded, bolted, or
riveted together

Charpy V-notch impact test. A standard dynamic test in which a notched specimen is
struck and broken by a single blow in a specially designed testing machine. The mea-
sured test values may be the energy absorbed, the percentage shear fracture, the lateral
expansion opposite the notch, or a combination thereof

Cladding. The exterior covering of the structural components of a building

Cold-formed members. Structural members formed from steel without the application of
heat

Column. A structural member whose primary function is to carry loads parallel to its lon-
gitudinal axis

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



XXiV GLOSSARY

Column curve. A curve expressing the relationship between axial column strength and
slenderness ratio

Combined mechanism. A mechanism determined by plastic analysis procedure which
combines elementary beam, panel, and joint mechanisms

Compact section. Compact sections are capable of developing a fully plastic stress distri-
bution and possess rotation capacity of approximately three before the onset of local
buckling

Composite beam. A steel beam structurally connected to a concrete slab so that the beam
and slab respond to loads as a unit

Concrete-encased beam. Abeamtotally encased inconcrete cast integrally with the slab

Connection. Combination of joints used to transmit forces between two or more mem-
bers. Categorized by the type and amount of force transferred (moment, shear, end
reaction). See also Splices

Critical load. The load at which bifurcation occurs as determined by a theoretical stability
analysis

Curvature. Rotation per unit length due to bending

Design documents. Documents prepared by the designer (design drawings, design
details, and job specifications)

Design strength. Resistance (force, moment, stress, as appropriate) provided by element
or connection; the product of the nominal strength and the resistance factor

Diagonal bracing. Inclined structural members carrying primarily axial load enabling a
structural frame to act as a truss to resist horizontal loads

Diaphragm. Floor slab, metal wall, or roof panel possessing a large in-plane shear stiff-
ness and strength adequate to transmit horizontal forces to resisting systems

Diaphragm action. The in-plane action of a floor system (also roofs and walls) such that
all columns framing into the floor from above and below are maintained in the same
position relative to each other

Double concentrated forces. Two equal and opposite forces which form a couple on the
same side of the loaded member

Double curvature. A bending condition in which end moments on a member cause the
member to assume an S shape

Drift. Lateral deflection of a building
Drift index. The ratio of lateral deflection to the height of the building

Ductility factor. The ratio of the total deformation at maximum load to the elastic-limit
deformation

Effective length. The equivalent length K7, used in compression formulas and determined
by a bifurcation analysis

Effective length factor K. The ratio between the effective length and the unbraced length
of the member measured between the centers of gravity of the bracing members
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Effective moment of inertia. The moment of inertia of the cross section of a member that
remains elastic when partial plastification of the cross section takes place, usually
under the combination of residual stress and applied stress. Also, the moment of inertia
based on effective widths of elements that buckle locally. Also, the moment of inertia
used in the design of partially composite members

Effective stiffness. The stiffness of a member computed using the effective moment of
inertia of its cross section

Effective width. The reduced width of a plate or slab which, with an assumed uniform
stress distribution, produces the same effect on the behavior of a structural member as
the actual plate width with its nonuniform stress distribution

Elastic analysis. Determination of load effects (force, moment, stress, as appropriate) on
members and connections based on the assumption that material deformation disap-
pears on removal of the force that produced it

Elastic-perfectly plastic. A material which has an idealized stress-strain curve that varies
linearly from the point of zero strain and zero stress up to the yield point of the material,
and then increases in strain at the value of the yield stress without any further increases
in stress

Embedment. A steel component cast in a concrete structure which is used to transmit
externally applied loads to the concrete structure by means of bearing, shear, bond, fric-
tion, or any combination therecof. The embedment may be fabricated of structural-steel
plates, shapes, bars, bolts, pipe, studs, concrete reinforcing bars, shear connectors, or
any combination thereof

Encased steel structure. A steel-framed structure in which all of the individual frame
members are completely encased in cast-in-place concrete

Euler formula. The mathematical relationship expressing the value of the Euler load in
terms of the modulus of elasticity, the moment of inertia of the cross section, and the
length of a column

Euler load. The critical load of a perfectly straight, centrally loaded pin-ended column

Eyebar. A particular type of pin-connected tension member of uniform thickness with
forged or flame-cut head of greater width than the body proportioned to provide
approximately equal strength in the head and body

Factored load. The product of the nominal load and a load factor
Fastener. Generic term for welds, bolts, rivets, or other connecting device
Fatigue. A fracture phenomenon resulting from a fluctuating stress cycle

First-order analysis. Analysis based on first-order deformations in which equilibrium
conditions are formulated on the undeformed structure

Flame-cut plate. A plate in which the longitudinal edges have been prepared by oxygen
cutting from a larger plate

Flat width. For a rectangular HSS, the nominal width minus twice the outside corner
radius. In absence of knowledge of the corner radius, the flat width may be taken as the
total section width minus three times the thickness
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Flexible connection. A connection permitting a portion, but not all, of the simple beam
rotation of a member end

Floor system. The system of structural components separating the stories of a building

Force. Resultant of distribution of stress over a prescribed area. A reaction that develops
in a member as a result of load (formerly called total stress or stress). Generic term sig-
nifying axial loads, bending moment, torques, and shears

Fracture toughness. Measure of the ability to absorb energy without fracture. Generally
determined by impact loading of specimens containing a notch having a prescribed

geometry

Frame buckling. A condition under which bifurcation may occur in a frame

Frame instability. A condition under which a frame deforms with increasing lateral
deflection under a system of increasing applied monotonic loads until a maximum
value of the load called the stability limit is reached, after which the frame will continue
to deflect without further increase in load

Fully composite beam. A composite beam with sufficient shear connectors to develop the
full flexural strength of the composite section

High-cycle fatigue. Failure resulting from more than 20,000 applications of cyclic stress

HSS. Hollow structural sections that are prismatic square, rectangular or round products
of a pipe or tubing mill and meet the geometric tolerance, tensile strength and chemical
composition requirements of a standard specification

Hybrid beam. A fabricated steel beam composed of flanges with a greater yield strength
than that of the web. Whenever the maximum flange stress is less than or equal to the
web yield stress the girder is considered homogeneous

Hysteresis loop. A plot of force versus displacement of a structure or member subjected to
reversed, repeated load into the inelastic range, in which the path followed during
release and removal of load is different from the path for the addition of load over the
same range of displacement

Inclusions. Nonmetallic material entrapped in otherwise sound metal

Incomplete fusion. Lack of union by melting of filler and base metal overentire prescribed
arca

Inelastic action. Material deformation that does not disappear on removal of the force that
produced it

Instability. A condition reached in the loading of an element or structure in which contin-
ued deformation results in a decrease of load-resisting capacity

Joint. Area where two or more ends, surfaces, or edges are attached. Categorized by type
of fastener or weld used and method of force transfer

K bracing. A system of struts used in a braced frame in which the pattern of the struts
resembles the letter K, either normal or on its side

Lamellar tearing. Separation in highly restrained base metal caused by through-thickness
strains induced by shrinkage of adjacent filler metal
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Lateral bracing member. A member utilized individually or as a component of a lateral
bracing system to prevent buckling of members or elements and/or to resist lateral
loads

Lateral (or lateral-torsional) buckling. Buckling of a member involving lateral deflection
and twist

Leaning column. Gravity-loaded column where connections to the frame (simple connec-
tions) do not provide resistance to lateral loads

Limit state. A condition in which a structure or component becomes unfit for service and
is judged either to be no longer useful for its intended function (serviceability limit
state) or to be unsafe (strength limit state)

Limit states. Limits of structural usefulness, such as brittle fracture, plastic collapse,
excessive deformation, durability, fatigue, instability, and serviceability

Load factor. A factor that accounts for unavoidable deviations of the actual load from the
nominal value and for uncertainties in the analysis that transforms the load into a load
effect

Loads. Forces or other actions that arise on structural systems from the weight of all per-
manent construction, occupants and their possessions, environmental effects, differen-
tial settlement, and restrained dimensional changes. Permanent loads are those loads in
which variations in time are rare or of small magnitude. All other loads are variable
loads. See Nominal loads

LRFD (Load and Resistance Factor Design). A method of proportioning structural com-
ponents (members, connectors, connecting elements, and assemblages) such that no
applicable limit state is exceeded when the structure is subjected to all appropriate load
combinations

Local buckling. The buckling of a compression element which may precipitate the failure
of the whole member

Low-cycle fatigue. Fracture resulting from a relatively high-stress range resulting in a rel-
atively small number of cycles to failure

Lower bound load. A load computed on the basis of an assumed equilibrium moment dia-
gram in which the moments are not greater than A/, that is less than or at best equal to
the true ultimate load

Mechanism. An articulated system able to deform without an increase in load, used in the
special sense that the linkage may include real hinges or plastic hinges, or both

Mechanism method. A method of plastic analysis in which equilibrium between external
forces and internal plastic hinges is calculated on the basis of an assumed mechanism.
The failure load so determined is an upper bound

Nodal Brace. A brace that prevents the lateral movement or twist at the particular brace
location along the length of the beam or column without any direct attachment to other
braces at adjacent brace points. (See relative brace)

Nominal loads. The magnitudes of the loads specified by the applicable code

Nominal strength. The capacity of a structure or component to resist the effects of loads,
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as determined by computations using specified material strengths and dimensions and
formulas derived from accepted principles of structural mechanics or by field tests or
laboratory tests of scaled models, allowing for modeling effects and differences
between laboratory and field conditions

Noncompact section. Noncompact sections can develop the yield stress in compression
elements before local buckling occurs, but will not resist inelastic local buckling at
strain levels required for a fully plastic stress distribution

P-Delta effect. Secondary effect of column axial loads and lateral deflection on the
moments in members

Panel zone. The zone in a beam-to-column connection that transmits moment by a shear
panel

Partially composite beam. A composite beam for which the shear strength of shear con-
nectors governs the flexural strength

Plane frame. A structural system assumed for the purpose of analysis and design to be
two-dimensional

Plastic analysis. Determination of load effects (force, moment, stress, as appropriate) on
members and connections based on the assumption of rigid-plastic behavior, i.¢., that
equilibrium is satisfied throughout the structure and yield is not exceeded anywhere.
Second order effects may need to be considered

Plastic design section. The cross section of a member which can maintain a full plastic
moment through large rotations so that a mechanism can develop; the section suitable
for design by plastic analysis

Plastic hinge. A yielded zone which forms in a structural member when the plastic
moment is attained. The beam is assumed to rotate as if hinged, except that it is
restrained by the plastic moment A,

Plastic-limit load. The maximum load that is attained when a sufficient number of yield
zones have formed to permit the structure to deform plastically without further increase
inload. It is the largest load a structure will support, when perfect plasticity is assumed
and when such factors as instability, second-order effects, strain hardening, and frac-
ture are neglected

Plastic mechanism. See Mechanism

Plastic modulus. The section modulus of resistance to bending of a completely yielded
cross section. It is the combined static moment about the plastic neutral axis of the
cross-sectional arcas above and below that axis

Plastic moment. The resisting moment of a fully-yielded cross section
Plastic strain. The difference between total strain and elastic strain
Plastic zone. The yielded region of a member

Plastification. The process of successive yielding of fibers in the cross section of a mem-
ber as bending moment is increased

Plate girder. A built-up structural beam
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Post-buckling strength. The load that canbe carried by an element, member, or frame after
buckling

Prying Action. Lever action that exists in connections in which the line of application of
the applied load is eccentric to the axis of the bolt, causing deformation of the fitting
and an amplification of the axial force in the bolt

Redistribution of moment. A process which results in the successive formation of plastic
hinges so that less highly stressed portions of a structure may carry increased moments

Relative Brace. A brace that controls the relative movement of two adjacent brace points
along the length of a beam or column or the relative lateral displacement of two stories
in a frame. (See nodal brace)

Regquired strength. Load effect (force, moment, stress, as appropriate) acting on element
or connection determined either by structural analysis from the factored loads (using
appropriate critical load combinations) or explicitly specified

Residual stress. The stresses that remain in an unloaded member after it has been formed
into a finished product. (Examples of such stresses include, but are not limited to, those
induced by cold bending, cooling after rolling, or welding)

Resistance. The capacity of a structure or component to resist the effects of loads. It is
determined by computations using specified material strengths, dimensions and for-
mulas derived from accepted principles of structural mechanics, or by field tests or lab-
oratory tests of scaled models, allowing for modeling effects and differences between
laboratory and field conditions. Resistance is a generic term that includes both strength
and serviceability limit states

Resistance factor. A factor that accounts for unavoidable deviations of the actual strength
from the nominal value and the manner and consequences of failure

Rigid frame. A structure in which connections maintain the angular relationship between
beam and column members under load

Root of the flange. Location on the web of the corner radius termination point or the toe of
the flange-to-web weld. Measured as the & distance from the far side of the flange

Rotation capacity. The incremental angular rotation that a given shape can accept prior to
local failure defined as R = (8, /6,) where 6, is the overall rotation attained at the fac-

tored load state and 0, is the idealized rotation corresponding to elastic theory applied
to the case of M = M,

St. Venant torsion. That portion of the torsionina member that induces only shear stresses
in the member

Second-order analysis. Analysis based on second-order deformations, in which equilib-
rium conditions are formulated on the deformed structure

Service load. Load expected to be supported by the structure under normal usage; often
taken as the nominal load

Serviceability limit state. Limiting condition affecting the ability of a structure to preserve
its appearance, maintainability, durability, or the comfort of its occupants or function
of machinery under normal usage
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Shape factor. The ratio of the plastic moment to the yield moment, or the ratio of the plas-
tic modulus to the section modulus for a cross section

Shear friction. Friction between the embedment and the concrete that transmits shear
loads. The relative displacement in the plane of the shear load is considered to be
resisted by shear-friction anchors located perpendicular to the plane of the shear load

Shear lugs. Plates, welded studs, bolts, and other steel shapes that are embedded in the
concrete and located transverse to the direction of the shear force and that transmit
shear loads, introduced into the concrete by local bearing at the shear lug-concrete
interface

Shear wall. A wall that resists, in its own plane, shear forces resulting from applied wind,
carthquake, or other transverse loads or provides frame stability. Also called a struc-
tural wall

Sidesway. The lateral movement of a structure under the action of lateral loads, unsym-
metrical vertical loads, or unsymmetrical properties of the structure

Sidesway buckling. The buckling mode of a multistory frame precipitated by the relative
lateral displacements of joints, leading to failure by sidesway of the frame

Simple plastic theory. See Plastic design

Single curvature. A deformed shape of a member having one smooth continuous arc, as
opposed to double curvature which contains a reversal

Slender-element section. The cross section of a member which will experience local
buckling in the elastic range

Slenderness ratio. The ratio of the effective length of a column to the radius of gyration of
the column, both with respect to the same axis of bending

Slip-critical joint. A bolted joint in which the slip resistance of the connection is required
Space frame. A three-dimensional structural framework (as contrasted to a plane frame)

Splice. The connection between two structural elements joined at their ends to form a sin-
gle, longer element

Stability-limit load. Maximum (theoretical) load a structure can support when sec-
ond-order instability effects are included

Stepped column. A column with changes from one cross section to another occurring at
abrupt points within the length of the column

Stiffener. A member, usually an angle or plate, attached to a plate or web of a beam or
girder to distribute load, to transfer shear, or to prevent buckling of the member to
which it is attached

Stiffness. The resistance to deformation of a member or structure measured by the ratio of
the applied force to the corresponding displacement

Story drifi. The difference in horizontal deflection at the top and bottom of a story

Strain hardening. Phenomenon wherein ductile steel, after undergoing considerable
deformation at or just above yield point, exhibits the capacity to resist substantially
higher loading than that which caused initial yielding
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Strain-hardening strain. For structural steels that have a flat (plastic) region in the
stress-strain relationship, the value of the strain at the onset of strain hardening

Strength design. A method of proportioning structural members using load factors and
resistance factors such that no applicable limit state is exceeded (also called load and
resistance factor design)

Strength limit state. Limiting condition affecting the safety of the structure, in which the
ultimate load-carrying capacity is reached

Stress. Force per unit arca

Stress concentration. Localized stress considerably higher than average (even in uni-
formly loaded cross sections of uniform thickness) due to abrupt changes in geometry
or localized loading

Strong axis. The major principal axis of a cross section

Structural system. An assemblage of load-carrying components which are joined together
to provide regular interaction or interdependence

Stub column. A short compression-test specimen, long enough for use in measuring the
stress-strain relationship for the complete cross section, but short enough to avoid
buckling as a column in the elastic and plastic ranges

Subassemblage. A truncated portion of a structural frame

Supported frame. A frame which depends upon adjacent braced or unbraced frames for
resistance to lateral load or frame instability. (This transfer of load is frequently pro-
vided by the floor or roof system through diaphragm action or by horizontal cross brac-
ing in the roof)

Tangent modulus. At any given stress level, the slope of the stress-strain curve of a mate-
rial in the inelastic range as determined by the compression test of a small specimen
under controlled conditions

Temporary structure. A general term for anything that is built or constructed (usually to
carry construction loads) that will eventually be removed before or after completion of
construction and does not become part of the permanent structural system

Tensile strength. The maximum tensile stress that a material is capable of sustaining

Tension field action. The behavior of a plate girder panel under shear force in which diag-
onal tensile stresses develop in the web and compressive forces develop in the trans-
verse stiffeners in a manner analogous to a Pratt truss

Toe of the fillet. Termination point of fillet weld or of rolled section fillet

Torque-tension relationship. Term applied to the wrench torque required to produce spec-
ified pre-tension in high-strength bolts

Turn-of-nut method. Procedure whereby the specified pre-tension in high-strength bolts
is controlled by rotation of the wrench a predetermined amount after the nut has been
tightened to a snug fit

Unbraced frame. A frame in which the resistance to lateral load is provided by the bend-
ing resistance of frame members and their connections
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Unbraced length. The distance between braced points of a member, measured between
the centers of gravity of the bracing members

Undercut. A notch resulting from the melting and removal of base metal at the edge of a
weld

Universal-mill plate. A plate in which the longitudinal edges have been formed by a roll-
ing process during manufacture. Often abbreviated as UM plate

Upper bound load. A load computed on the basis of an assumed mechanism which will
always be at best equal to or greater than the true ultimate load

Vertical bracing system. A system of shear walls, braced frames, or both, extending
through one or more floors of a building

Von Mises yield criterion. A theory which states that inelastic action at any pointinabody
under any combination of stresses begins only when the strain energy of distortion per
unit volume absorbed at the point is equal to the strain energy of distortion absorbed per
unit volume at any point in a simple tensile bar stressed to the elastic limit under a state
of uniaxial stress. It is often called the maximum strain-energy-of-distortion theory.
Accordingly, shear yield occurs at 0.58 times the yield strength

Warping torsion. That portion of the total resistance to torsion that is provided by resis-
tance to warping of the cross section

Weak axis. The minor principal axis of a cross section

Weathering steel. A type of high-strength, low-alloy steel which can be used in normal
environments (not marine) and outdoor exposures without protective paint covering.
This steel develops a tight adherent rust at a decreasing rate with respect to time

Web buckling. The buckling of a web plate

Web crippling. The local failure of a web plate in the immediate vicinity of a concentrated
load or reaction

Working load. Also called service load. The actual load assumed to be acting on the struc-
ture

Yield moment. In a member subjected to bending, the moment at which an outer fiber first
attains the yield stress

Yield plateau. The portion of the stress-strain curve for uniaxial tension or compression in
which the stress remains essentially constant during a period of substantially increased
strain

Yield point. The first stress in a material at which an increase in strain occurs without an
increase in stress

Yield strength. The stress at which a material exhibits a specified limiting deviation from
the proportionality of stress to strain. Deviation expressed in terms of strain

Yield stress. Yield point, yield strength, or yield stress level as defined

Yield-stress level. The average stress during yielding in the plastic range, the stress deter-
mined in a tension test when the strain reaches 0.005 in. per in. (0.005 mm per mm)
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CHAPTER A

GENERAL PROVISIONS

SCOPE

The Load and Resistance Factor Design Specification for Structural Steel Build-
ings shall govern the design, fabrication, and erection of steel-framed buildings. As
an alternative, the AISC Specification for Structural Steel Buildings, Allowable
Stress Design and Plastic Design is permitted.

This Specification includes the list of symbols, the glossary, and the appendices.
The tables of numerical values are provided for design convenience.

Seismic design of buildings shall comply with the AISC Seismic Provisions for
Structural Steel Buildings, Seismic Provisions Supplement No. I, and with this
Specification.

Single angle members shall comply with the Specification for Load and Resistance
Factor Design of Single-Angle Members and with this Specification.

Hollow structural sections (HSS) shall comply with the Specification for the
Design of Steel Hollow Structural Sections and with this Specification.

Design of nuclear structures shall comply with the Specification for the Design,
Fabrication and Erection of Steel Safety Related Structures for Nuclear Facilities
and with this Specification.

Asused in this Specification, the term structural steel refers to the steel elements of
the structural steel frame essential to the support of the required loads. Such ele-
ments are enumerated in Section 2.1 of the AISC Code of Standard Practice for
Steel Buildings and Bridges. For the design of cold-formed steel structural mem-
bers, whose profiles contain rounded corners and slender flat elements, the provi-
sions of the American Iron and Steel Institute Specification for the Design of
Cold-Formed Steel Structural Members are recommended.

TYPES OF CONSTRUCTION

Two basic types of construction and associated design assumptions shall be permit-
ted under the conditions stated herein, and each will govern in a specific manner the
strength of members and the types and strength of their connections.

Type FR (fully restrained), commonly designated as “rigid-frame” (continuous
frame), assumes that connections have sufficient stiffness to maintain the angles
between intersecting members.

Type PR (partially restrained) assumes that connections have insufficient stiffness
to maintain the angles between intersecting members. When connection restraint is
considered, use of Type PR construction under this Specification requires that the
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strength, stiffness and ductility characteristics of the connections be incorporated
in the analysis and design. These characteristics shall be documented in the techni-
cal literature or established by analytical or experimental means.

When connection restraint is ignored, commonly designated “simple framing,” itis
assumed that for the transmission of gravity loads the ends of the beams and girders
are connected for shear only and are free to rotate. For “simple framing” the follow-
ing requirements apply:

(1) The connections and connected members shall be adequate to resist the
factored gravity loads as “simple beams.”

(2) The connections and connected members shall be adequate to resist the
factored lateral loads.

(3) The connections shall have sufficient inelastic rotation capacity to avoid over-
load of fasteners or welds under combined factored gravity and lateral loading.

The type of construction assumed in the design shall be indicated on the design doc-
uments. The design of all connections shall be consistent with the assumption.

MATERIAL
Structural Steel
ASTM Designations

Material conforming to one of the following standard specifications is approved for
use under this Specification:

Carbon Structural Steel, ASTM A36/A36M

Pipe, Steel, Black and Hot-Dipped, Zinc-Coated Welded and Seamless ASTM
A33/A53M, Gr. B

High-Strength Low-Alloy Structural Steel, ASTM A242/A242M

Cold-Formed Welded and Seamless Carbon Steel Structural Tubing in Rounds
and Shapes, ASTM A500

Hot-Formed Welded and Seamless Carbon Steel Structural Tubing, ASTM 501

High-Yield-Strength, Quenched and Tempered Alloy Steel Plate, Suitable for
Welding, ASTM A514/A514M

High-Strength Carbon-Manganese Steel of Structural Quality, ASTM A529/
A529M

Steel, Sheet and Strip, Carbon, Hot-Rolled, Structural Quality, ASTM A570/
A370M, Gr. 40 (275), 45 (310), and 50 (345)

High-Strength Low-Alloy Columbium-Vanadium Steels of Structural Quality,
ASTM A3572/A572M

High-Strength Low-Alloy Structural Steel with 50 ksi (345 MPa) Minimum
Yield Point to 4-in. (100 mm) Thick, ASTM A588/A588M

Steel, Sheet and Strip, High-Strength, Low-Alloy, Hot-Rolled and Cold-Rolled,
with Improved Atmospheric Corrosion Resistance, ASTM A606

Steel, Sheet and Strip, High-Strength, Low-Alloy, Columbium or Vanadium, or
Both, Hot-Rolled and Cold-Rolled, ASTM A607

Hot-Formed Welded and Seamless High-Strength Low-Alloy Structural Tubing,
ASTM A618

Carbon and High-Strength Low-Alloy Structural Steel Shapes, Plates and Bars
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Cold-Formed Welded and Seamless High-Strength, Low-Alloy Structural Tubing with

Improved Atmospheric Corrosion Resistance, ASTM A847

and Quenched-and-Tempered Alloy Structural Steel Plates for Bridges,
N ASTM A709/A709M

1b.

1c.

/ Quenched and Tempered Low-Alloy Structural Steel Plate with 70 ksi (485 MPa)
Minimum Yield Strength to 4 in. (100 mm) Thick, ASTM A852/A852M
High-Strength Low-Alloy Steel Shapes of Structural Quality, Produced by
Quenching and Self-Tempering Process (QST), ASTM A913/A913M
Steel for Structural Shapes for Use in Building Framing, ASTM A992/A992M

Certified mill test reports or certified reports of tests made by the fabricator or a test-
ing laboratory in accordance with ASTM A6/A6M, Standard Specification for
General Requirements for Rolled Structural Steel Bars, Plates, Shapes, and Sheet
Piling or A568/A568M, Standard Specification for Steel, Sheet, Carbon, and
High-Strength, Low-Alloy, Hot-Rolled and Cold-Rolled, General Requirements
for, as applicable, shall constitute sufficient evidence of conformity with one of the
above ASTM standards. If requested, the fabricator shall provide an affidavit stat-
ing that the structural steel furnished meets the requirements of the grade specified.

Unidentified Steel

Unidentified steel, if surface conditions are acceptable according to criteria con-
tained in ASTM A6/A6M, is permitted to be used for unimportant members or
details, where the precise physical properties and weldability of the steel would not
affect the strength of the structure.

Heavy Shapes

For ASTM A6/A6M Group 4 and 5 rolled shapes to be used as members subject to
primary tensile stresses due to tension or flexure, toughness need not be specified if
splices are made by bolting. If such members are spliced using complete-joint-pen-
etration groove welds, the steel shall be specified in the contract documents to be
supplied with Charpy V-notch (CVN) impact testing in accordance with ASTM
A6/A6M, Supplementary Requirement S5. The impact test shall meet a minimum
average value of 20 ft-1bs. (27 J) absorbed energy at +70°F (+21°C) and shall be
conducted in accordance with ASTM A673/A673M, with the following
exceptions:

(1) The center longitudinal axis of the specimens shall be located as near as practi-
cal to midway between the inner flange surface and the center of the flange
thickness at the intersection with the web mid-thickness.

(2) Tests shall be conducted by the producer on material selected from a location
representing the top of each ingot or part of an ingot used to produce the prod-
uct represented by these tests.

For plates exceeding two-in. (50 mm) thick used for built-up cross-sections with
bolted splices and subject to primary tensile stresses due to tension or flexure, mate-
rial toughness need not be specified. If such cross-sections are spliced using com-
plete-joint-penetration welds, the steel shall be specified in the contract documents
to be supplied with Charpy V-notch testing in accordance with ASTM A6/A6M,
Supplementary Requirement S5. The impact test shall be conducted by the pro-
ducer in accordance with ASTM A673/A673M, Frequency P, and shall meet a min-
imum average value of 20 ft-lbs. (27 J) absorbed energy at +70°F (+21°C).

The above supplementary requirements also apply when complete-joint-penetra-
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ion welded joints through the thickness of ASTM A6/A6M Group 4 and 5 shapes
and built-up cross sections with thickness exceeding two in. (50 mm) are used in
connections subjected to primary tensile stress due to tension or flexure of such
members. The requirements need not apply to ASTM A6/A6M Group 4 and 5
shapes and built-up members with thickness exceeding two in. (50 mm) to which
members other than ASTM A6/A6M Group 4 and 5 shapes and built-up members
are connected by complete-joint- penetration welded joints through the thickness
of the thinner material to the face of the heavy material.

Additional requirements for joints in heavy rolled and built-up members are given
in Sections J1.5, J1.6, J2.6, J2.8 and M2.2.

Steel Castings and Forgings
Cast steel shall conform to one of the following standard specifications:

Steel Castings, Carbon, for General Application, ASTM A27/A27M, Gr. 65-35
(450-240)

Steel Castings, High Strength, for Structural Purposes, ASTM A148/148M Gr.
80-30 (550-345)

Steel forgings shall conform to the following standard specification:

Steel Forgings Carbon and Alloy, for General Industrial Use, ASTM A668/
A668M

Certified test reports shall constitute sufficient evidence of conformity with
standards.

Bolts, Washers, and Nuts

Steel bolts, washers, and nuts shall conform to one of the following standard
specifications:

Carbon and Alloy Steel Nuts for Bolts for High-Pressure or High-Temperature
Service, or Both, ASTM A194/A194M

Carbon Steel Bolts and Studs, 60,000 PSI Tensile Strength, ASTM A307

Structural Bolts, Steel, Heat Treated, 120/105 ksi Minimum Tensile Strength,
ASTM A325

High-Strength Bolts for Structural Steel Joints [Metric], ASTM A325M

Quenched and Tempered Steel Bolts and Studs, ASTM A449

Heat-Treated Steel Structural Bolts, 150 ksi Minimum Tensile Strength, ASTM
A490

High-Strength Steel Bolts, Classes 10.9 and 10.9.3, for Structural Steel Joints
[Metric], ASTM A490M

Carbon and Alloy Steel Nuts, ASTM A563

Carbon and Alloy Steel Nuts [Metric], ASTM A563M

Hardened Steel Washers, ASTM F436

Hardened Steel Washers [Metric], ASTM F436M

Compressible-Washer-Type Direct Tension Indicators for Use with Structural
Fasteners, ASTM F959

Compressible-Washer-Type Direct Tension Indicators for Use with Structural
Fasteners [Metric], ASTM F959M

“Twist Off” Type Tension Control Structural Bolt/Nut/Washer Assemblies,
Steel, Heat Treated, 120/105 ksi Minimum Tensile Strength, ASTM F1852
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ASTM A449bolts are permitted to be used only in connections requiring bolt diam-
eters greater than 1%4-in. (38 mm) and shall not be used in slip-critical connections.

Manufacturer’s certification shall constitute sufficient evidence of conformity with
the standards.

4. Anchor Rods and Threaded Rods

Anchor rods and threaded rod steel shall conform to one of the following standard
specifications:

Carbon Structural Steel, ASTM A36/A36M

Alloy Steel and Stainless Steel Bolting Materials for High-Temperature Service,
ASTM A193/A193M

Quenched and Tempered Alloy Steel Bolts, Studs and Other Externally Threaded
Fasteners, ASTM A354

High-Strength Low-Alloy Columbium-Vanadium Structural Steel, ASTM
A372/A572M

High-Strength Low-Alloy Structural Steel with 50 ksi [345 MPa] Minimum
Yield Point to 4-in. [100 mm] Thick, ASTM A588/A588M

Anchor Bolts, Steel, 36, 55, and 105-ksi Yield Strength, ASTM F1554

Threads on anchor rods and threaded rods shall conform to the Unified Standard
Series of ASME B18.2.6 and shall have Class 2A tolerances.

Steel bolts conforming to other provisions of Section A3.3 are permitted as anchor
rods. A449 material is acceptable for high-strength anchor rods and threaded rods
of any diameter.

Manufacturer’s certification shall constitute sufficient evidence of conformity with
the standards.

5. Filler Metal and Flux for Welding

Filler metals and fluxes shall conform to one of the following specifications of the
American Welding Society:

Specification for Carbon Steel Electrodes for Shielded Metal Arc Welding, AWS
A31

Specification for Low-Alloy Steel Electrodes for Shiclded Metal Arc Welding,
AWS A5.5

Specification for Carbon Steel Electrodes and Fluxes for Submerged Arc
Welding, AWS A5.17/A5.17M

Specification for Carbon Steel Electrodes and Rods for Gas Shiclded Arc
Welding, AWS A5.18

Specification for Carbon Steel Electrodes for Flux Cored Arc Welding, AWS
A5.20

Specification for Low-Alloy Steel Electrodes and Fluxes for Submerged Arc
Welding, AWS A5.23/A5.23M

Specification for Carbon and Low-Alloy Steel Electrodes and Fluxes for
Electroslag Welding, AWS A5.25/A5.25M

Specification for Carbon and Low-Alloy Steel Electrodes for Electrogas
Welding, AWS A5.26/A5.26M

Specification for Low-Alloy Steel Electrodes and Rods for Gas Shielded Arc
Welding, AWS A5.28
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Specification for Low-Alloy Steel Electrodes for Flux Cored Arc Welding, AWS
A3529
Specification for Welding Shielding Gases, AWS A5.32/A5.32M

Manufacturer’s certification shall constitute sufficient evidence of conformity with
the standards. Filler metals and fluxes that are suitable for the intended application
shall be selected.

Stud Shear Connectors

Steel stud shear connectors shall conform to the requirements of Structural Welding
Code—Steel, AWS DI1.1.

Manufacturer’s certification shall constitute sufficient evidence of conformity with
the code.

LOADS AND LOAD COMBINATIONS

The nominal loads and factored load combinations shall be as stipulated by the
applicable code under which the structure is designed or dictated by the conditions
involved. In the absence of a code, the loads and factored load combinations,
including impact and crane loads, shall be those stipulated in ASCE 7. For design
purposes, the loads stipulated by the applicable code or ASCE 7 shall be taken as
nominal loads.

DESIGN BASIS
Required Strength at Factored Loads

The required strength of structural members and connections shall be determined
by structural analysis for the appropriate factored load combinations as stipulated
in Section A4.

Designby either elastic or plastic analysis is permitted, except that design by plastic
analysis is permitted only for steels with specified minimum yield stresses not
exceeding 65 ksi (450 MPa) and is subject to provisions of Sections B5.2, C1.1,
C2.1a,C2.2a,E1.2, F1.3, H1, and I1.

Beams and girders composed of compact sections, as defined in Section B5.1, and
satisfying the unbraced length requirements of Section F1.3 (including composite
members) which are continuous over supports or are rigidly framed to columns
may be proportioned for nine-tenths of the negative moments produced by the fac-
tored gravity loading at points of support, provided that the maximum positive
moment is increased by one-tenth of the average negative moments. This reduction
is not permitted for hybrid beams, members of A514/A514M steel, or moments
produced by loading on cantilevers. If the negative moment is resisted by a column
rigidly framed to the beam or girder, the one-tenth reduction may be used in propor-
tioning the column for combined axial force and flexure, provided that the axial
force does not exceed ¢, times 0.154,F),

where

A,= gross area, in.> (mm?)
F,= specified minimum yield stress, ksi (MPa)
¢, = resistance factor for compression
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A6.

Limit States

LRFD is a method of proportioning structures so that no applicable limit state is
exceeded when the structure is subjected to all appropriate factored load
combinations.

Strength limit states are related to safety and concern maximum load carrying
capacity. Serviceability limit states are related to performance under normal service
conditions. The term “resistance” includes both strength limit states and service-
ability limit states.

Design for Strength

The required strength shall be determined for each applicable load combination as
stipulated in Section A4.

The design strength of each structural component or assemblage shall equal or
exceed the required strength based on the factored loads. The design strength ¢&,
foreach applicable limit state is calculated as the nominal strength R, multiplied by
a resistance factor ¢. Nominal strengths R, and resistance factors ¢ are given in
Chapters D through K.

Design for Serviceability and Other Considerations

The overall structure and the individual members, connections, and connectors
shall be checked for serviceability. Provisions for design for serviceability are
given in Chapter L.

REFERENCED CODES AND STANDARDS
The following documents are referenced in this Specification:

ACI International (ACI)
Building Code Requirements for Structural Concrete and Commentary, ACI
318-99

Metric Building Code Requirements for Structural Concrete and Commentary,
ACI 318M-99

American Institute of Steel Construction, Inc. (AISC)

Code of Standard Practice for Steel Buildings and Bridges, 2000

Seismic Provisions for Structural Steel Buildings, 1997

Seismic Provisions for Structural Steel Buildings Supplement No. 1, 1999

Specification for Structural Steel Buildings-Allowable Stress Design and Plastic
Design, 1989

Specification for Load and Resistance Factor Design of Single-Angle Members,
1993

Specification for the Design of Steel Hollow Structural Sections, 1997

Specification for the Design, Fabrication and Erection of Steel Safety Related
Structures for Nuclear Facilities, 1994

American Iron and Steel Institute (AISI)

Specification for the Design of Cold-Formed Steel Structural Members, 1996

Specification for the Design of Cold-Formed Steel Structural Members, Supple-
ment No. 1, 1999
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American Society of Civil Engineers (ASCE)
Minimum Design Loads for Buildings and Other Structures, ASCE 7-98

American Society of Mechanical Engineers (ASME)
Fasteners for Use in Structural Applications, ASME B18.2.6-96
Surface Texture, Surface Roughness, Waviness, and Lay, ASME B46.1-85

American Society for Testing and Materials (ASTM)

ASTM A6/A6M-2000
ASTM A36/A36M-97a
ASTM A148/A148M-93b
ASTM A194/A194M-98b
ASTM A307-97

ASTM A325M-97
ASTM A370-97a

ASTM A490-97

ASTM A500-99

ASTM A502-93

ASTM A529/A529M-96
ASTM A563M-97
ASTM A570/A570M-98
ASTM AS588/A588M-97a
ASTM A607-96

ASTM A668/A668M-96
ASTM A709/A709M-97b
ASTM A847-99a

ASTM A913/A913M-97
ASTM C33-97

ASTM F436-93

ASTM F606-98

ASTM F959-96

ASTM F1554-99

ASTM A27/A27M-95
ASTM A53/A53M-99b
ASTM A193/A193M-99
ASTM A242/A242M-98
ASTM A325-97

ASTM A354-98

ASTM A449-93

ASTM A490M-93
ASTM A501-99

ASTM A514/A514M-94a
ASTM A563-97

ASTM A568/568M-98
ASTM A572/A572M-99
ASTM A606-98

ASTM A618-99

ASTM A673/A673M-95
ASTM A751-96

ASTM A852/A852M-97
ASTM A992/A992M-98
ASTM C330-97

ASTM F436M-93
ASTM F606M-95b
ASTM F959M-97
ASTM F1852-98

American Welding Society (AWS)

AWS D1.1:2000

AWS A5.17/A5.17TM-98
AWS A5.23/A5.23M-97
AWS A5.28-96

AWS A5.1-91

AWS A5.18-93

AWS A5.25/A5.25M-97
AWS A5.29-98

AWS A5.5-96

AWS A5.20-95

AWS A5.26/A5.26M-97
AWS A5.32/A5.32M-97

Research Council on Structural Connections (RCSC)
Load and Resistance Factor Design Specification for Structural Joints Using
ASTM A325 or A490 Bolts, 1994

DESIGN DOCUMENTS

The design drawings shall show a complete design with sizes, sections, and relative
locations of all members. Floor levels, column centers and offsets shall be
dimensioned. Drawings shall be drawn to a scale large enough to show the informa-
tion clearly.

Design documents shall indicate the type or types of construction as defined in Sec-
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tion A2 and include the required strengths (moments and forces) if necessary for
preparation of shop drawings.

Where joints are to be assembled with high-strength bolts, the design documents
shall indicate the connection type (i.e., snug-tightened, pretensioned, or
slip-critical).

Camber of trusses, beams, and girders, if required, shall be specified in the design
documents.

The requirements for stiffeners and bracing shall be shown in the design
documents.

Welding and inspection symbols used on design and shop drawings shall be the
American Welding Society symbols. Welding symbols for special requirements not
covered by AWS are permitted to be used provided complete explanations thereof
are shown in the design documents.

Weld lengths called for in the design documents and on the shop drawings shall be
the net effective lengths.
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CHAPTER B

DESIGN REQUIREMENTS

This chapter contains provisions which are common to the Specification as a whole.

B1.

B2.

B3.

GROSS AREA

The gross area 4, of a member at any point is the sum of the products of the thick-
ness and the gross width of each element measured normal to the axis of the
member. For angles, the gross width is the sum of the widths of the legs less the
thickness.

NET AREA

The net area A, of a member is the sum of the products of the thickness and the net
width of each element computed as follows:

Incomputing net area for tension and shear, the width of a bolt hole shall be taken as
I{s-in. (2 mm) greater than the nominal dimension of the hole.

For a chain of holes extending across a part in any diagonal or zigzag line, the net
width of the part shall be obtained by deducting from the gross width the sum of the
diameters or slot dimensions as provided in Section J3.2, of all holes in the chain,
and adding, for each gage space in the chain, the quantity s°/ 4g

where

s = longitudinal center-to-center spacing (pitch) of any two consecutive holes,
in. (mm)

g = transverse center-to-center spacing (gage) between fastener gage lines, in.
(mm)

For angles, the gage for holes in opposite adjacent legs shall be the sum of the gages
from the back of the angles less the thickness.

In determining the net area across plug or slot welds, the filler metal shall not be
considered as adding to the net area.

EFFECTIVE AREA OF TENSION MEMBERS

The effective area of tension members shall be determined as follows:

(1) When tension load is transmitted directly to each of the cross-sectional ele-
ments by fasteners or welds, the effective area A4, is equal to the net arca 4,

(2) When the tension load is transmitted by fasteners or welds through some but
not all of the cross-sectional elements of the member, the effective area 4, shall
be computed as follows:
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(a)

(b)

©

(d

STABILITY 11

When the tension load is transmitted only by fasteners
4,=4,U (B3-1)
where

U = reduction coefficient
=1-(x/1)<09
X = connection eccentricity, in. (mm)
! = length of the connection in the direction of loading, in. (mm)

When the tension load is transmitted only by longitudinal welds to other than a
plate member orby longitudinal welds in combination with transverse welds

A, =AU (B3-2)
where

U=1-(F/1)<0.9
A,= gross area of member, in.* (mm?)

When the tension load is transmitted only by transverse welds
A, =AU (B3-3)
where

A = area of directly connected elements, in.? (mm?)
U=1.0

When the tension load is transmitted to a plate only by longitudinal welds
along both edges at the end of the plate

A, =AU (B3-4)
where
Forl=2w . . . . . . U=1.00
For2w>I=215w . . . . . . . . ... U=0.87
Forlsw>I2w . . . . . .. . . . U=0.75
where

! = length of weld, in. (mm)
w = plate width (distance between welds), in. (mm)

Larger values of U are permitted to be used when justified by tests or other rational
criteria.

For effective arca of connecting elements, see Section J5.2.

B4. STABILITY

General stability shall be provided for the structure as a whole and for each of its
elements.

Consideration shall be given to the significant effects of the loads on the deflected
shape of the structure and its individual elements.
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LOCAL BUCKLING [Sect. B5.

LOCAL BUCKLING

Classification of Steel Sections

Steel sections are classified as compact, noncompact, or slender-clement sections.
For a section to qualify as compact, its flanges must be continuously connected to
the web or webs and the width-thickness ratios of its compression elements must
not exceed the limiting width-thickness ratios A, from Table B5.1. If the
width-thickness ratio of one or more compression elements exceeds A, but does not
exceed A,, the section is noncompact. If the width-thickness ratio of any element
exceeds A, from Table B5.1, the section is referred to as a slender-element compres-
sion section.

For unstiffened elements which are supported along only one edge parallel to the
direction of the compression force, the width shall be taken as follows:

(a) For flanges of I-shaped members and tees, the width b is half the full-flange
width, by

(b) Forlegs of angles and flanges of channels and zees, the width 4 is the full nomi-
nal dimension.

(c) For plates, the width 5 is the distance from the free edge to the first row of fas-
teners or line of welds.

(d) For stems of tees, d is taken as the full nominal depth.

For stiffened elements which are supported along two edges parallel to the direction
of the compression force, the width shall be taken as follows:

(a) For webs of rolled or formed sections, # is the clear distance between flanges
less the fillet or corner radius at each flange; /. is twice the distance from the
centroid to the inside face of the compression flange less the fillet or corner
radius.

(b) Forwebsofbuilt-up sections, / is the distance between adjacent lines of fasten-
ers or the clear distance between flanges when welds are used, and /. is twice
the distance from the centroid to the nearest line of fasteners at the compression
flange or the inside face of the compression flange when welds are used; 7, is
twice the distance from the plastic neutral axis to the nearest line of fasteners at
the compression flange or the inside face of the compression flange when
welds are used.

(c) Forflange or diaphragm plates in built-up sections, the width 5 is the distance
between adjacent lines of fasteners or lines of welds.

(d) For flanges of rectangular hollow structural sections, the width 5 is the clear
distance between webs less the inside corner radius on each side. If the corner
radius is not known, the width may be taken as the total section width minus
three times the thickness. The thickness ¢ shall be taken as the design wall
thickness. When the design wall thickness is not known, it is permitted to be
taken as 0.93 times the nominal wall thickness.

For tapered flanges of rolled sections, the thickness is the nominal value halfway
between the free edge and the corresponding face of the web.
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Sect. B10.] PROPORTIONS OF BEAMS AND GIRDERS 13

Be.

B7.

BS.

B9.

B10.

Design by Plastic Analysis

Design by plastic analysis is permitted, as limited in Section A5.1, when flanges
subject to compression involving hinge rotation and all webs have a
width-thickness ratio less than or equal to the limiting A, from Table B3.1. For cir-
cular hollow sections see Footnote d of Table B5.1.

Slender-Element Compression Sections

For the flexural design of I-shaped sections, channels and rectangular or circular sec-
tions with slender flange elements, see Appendix F1. For other shapes in flexure or
members in axial compression that have slender compression elements, see Appendix
B5.3. For plate girders with slender web elements, see Appendix G.

BRACING AT SUPPORTS
At points of support for beams, girders and trusses, restraint against rotation about
their longitudinal axis shall be provided.

LIMITING SLENDERNESS RATIOS

For members in which the design is based on compression, the slenderness ratio
KI/r preferably should not exceed 200.

For members in which the designis based ontension, the slenderness ratio //r pref-
erably should not exceed 300. The above limitation does not apply to rods in ten-
sion. Members in which the design is dictated by tension loading, but which may be
subject to some compression under other load conditions, need not satisfy the com-
pression slenderness limit.

SIMPLE SPANS

Beams, girders and trusses designed on the basis of simple spans shall have an
effective length equal to the distance between centers of gravity of the members to
which they deliver their end reactions.

END RESTRAINT

Beams, girders, and trusses designed on the assumptions of full or partial end
restraint, as well as the sections of the members to which they connect, shall have
design strengths, as prescribed in Chapters D through K, equal to or exceeding the
effect of factored forces and moments except that some inelastic but self-limiting
deformation of a part of the connection is permitted.

PROPORTIONS OF BEAMS AND GIRDERS

When rolled or welded shapes, plate girders and cover-plated beams are propor-
tioned on the basis of flexural strength of the gross section:

(a If
0.75F, A= 09F, 4, (B10-1)
no deduction shall be made for bolt or rivet holes in either flange,

where
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14 PROPORTIONS OF BEAMS AND GIRDERS [Sect. B10.
Limiting Width-Thickness Ratios for
Compression Elements
) Limiting Width-
Width Thickness Ratios
Thick-
ness Ap Ar
Description of Element Ratio (compact) {(noncompact)
Flanges of I-shaped rolled b/t 038E/F, [c] 0.83JE/F, [€]
beams and channels in
flexure
Flanges of I-shaped hybrid or | b/t 0.38,E/Fy 0.95VE/(F. /k:) [e],
welded beams in flexure [fl
(%]
S | Flanges projecting from b/t NA 0.64.JE /(Fy / ko) f]
g built-up compression
o | members
-]
2 | Flanges of I-shaped sections b/t NA 056,E/F,
& | in pure compression, plates
% | projecting from compression
g elements; outstanding legs of
pairs of angles in continuous
contact; flanges of channels
in pure compression
Legs of single angle struts; b/t NA 045,E/F,
legs of double angle struts
with separators; unstiffened
elements, i.e., supported
along one edge
Stems of tees d/t NA 0.75E/Fy

Ay, = gross flange area, in.” (mm®)
Ay, =nettensionflange area calculated inaccordance with the provisions of

Sections B1 and B2, in.? (mm?)
F, = specified minimum tensile strength, ksi (MPa)

b)) If

0.75F, A, < 0.9F, Ay,

(B10-2)

the member flexural properties shall be based on an effective tension flange arca

Ay,

5F
Afe = _iAﬁ'l
6F, -

(B10-3)

and the maximum flexural strength shall be based on the elastic section modulus.

Hybrid girders shall be proportioned by the flexural strength of their gross section,
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TABLE B5.1 (cont.)
Limiting Width-Thickness Ratios for
Compression Elements

compression [a]

. Limiting Width-
Width Thickness Ratios
Thick-
ness Ap A

Description of Element Ratio (compact) (noncompact)

Flanges of rectangular box b/t

and hollow structural sections

of uniform thickness subject

to bending or compression;

flange cover plates and dia-

phragm plates between lines
) of fasteners or welds
c
g for uniform compression 112,E/F, 140./E/F
[} : y
i
B for plastic analysis 0.939,/E/F, -
[=
£ | Unsupported width of cover b/t NA 1.86\/E/Fy
b plates perforated with a suc-

cession of access holes [b]

Webs in flexural h/t, 3.76,/E/F, [c], [d] 5.70,[E IF, [h]

Webs in combined flexural
and axial compression

h/t, | forP,/¢,P,<0.125 [c],[g]

376\/?5_2.75/3“5
R ﬁ 5 E

O

:

e U 3
112 [— %.33 -
Fy (Pbe

E
>149 [—
Fy

(]

PU

e Qd
570 [— 3-0.74
for P, /0,P,>0.125 [c][g] \/; |¢be

O

LTI

All other uniformly compres- b/t NA 1.49 E/Fy
sed stiffened elements, i.e., h/t,
supported along two edges
Circular hollow sections D/t [d]
In axial compression NA 0.11E/F,
In flexure 0.07E/F, 0.31E/F,

[a] For hybrid beams, use the yield
strength of the flange F instead
of F,.

[b] Assumes net area of plate at
widest hole.

[c]| Assumes-an-inelastic rotation

; ) isricity. &
[d] For plastic design use 0.045E/I§,..

[e] F.=smaller of (F; —F) or Fy, ksi (MPa)
F, = compressive residual stress in flange
=10 ksi (69 MPa) for rolled shapes
= 16.54ksi (114 MPa) for welded shapes
= < <
[l ke hTt. and 0.35 < k; < 0.763
[g] For members with unequal flanges, use h, instead
of hwhen comparing to A,
[h] For members with unequal flanges, see Appendix B5.1.

Assumes an inelastic ductility ratio (ratio of strain at fracture to strain at yield) of 3. When the seismic response modification
factor R is taken greater than 3, a greater rotation capacity may be required.
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PROPORTIONS OF BEAMS AND GIRDERS [Sect. B10.

subject to the applicable provisions in Appendix G1, provided they are not required
to resist an axial force greater than ¢, times 0.15F,, 4,, where F,is the specified
minimum yield stress of the flange material and A4, is the gross area. No limit is
placed on the web stresses produced by the applied bending moment for which a
hybrid girder is designed, except as provided in Section K3 and Appendix K3. To
qualify as hybrid girders, the flanges at any given section shall have the same
cross-sectional arca and be made of the same grade of steel.

Flanges of welded beams or girders may be varied in thickness or width by splicing
a series of plates or by the use of cover plates.

The total cross-sectional area of cover plates of bolted or riveted girders shall not
exceed 70 percent of the total flange area.

High-strength bolts, rivets, or welds connecting flange to web, or cover plate to
flange, shall be proportioned to resist the total horizontal shear resulting from the
bending forces on the girder. The longitudinal distribution of these bolts, rivets, or
intermittent welds shall be in proportion to the intensity of the shear. However, the
longitudinal spacing shall not exceed the maximum permitted for compression or
tension members in Section E4 or D2, respectively. Bolts, rivets, or welds connect-
ing flange to web shall also be proportioned to transmit to the web any loads applied
directly to the flange, unless provision is made to transmit such loads by direct
bearing.

Partial length cover plates shall be extended beyond the theoretical cutoff point
and the extended portion shall be attached to the beam or girder by high-strength
bolts in a slip-critical connection, rivets, or fillet welds. The attachment shall be
adequate, at the applicable design strength given in Sections J2.2, J3.8, or K3 to
develop the cover plate’s portion of the flexural design strength in the beam or
girder at the theoretical cutoff point.

For welded cover plates, the welds connecting the cover plate termination to the
beam or girder shall have continuous welds along both edges of the cover plate in
the length «’, defined below, and shall be adequate, at the applicable design
strength, to develop the cover plate’s portion of the design strength in the beam or
girder at the distance ¢’ from the end of the cover plate.

(a) When there is a continuous weld equal to or larger than three-fourths of the
plate thickness across the end of the plate

a=w (B10-4)
where
w = width of cover plate, in. (mm)

(b) When there is a continuous weld smaller than three-fourths of the plate thick-
ness across the end of the plate

a =15w (B10-5)
(c) When there is no weld across the end of the plate
a =2w (B10-6)
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CHAPTERC

FRAMES AND OTHER STRUCTURES

This chapter contains general requirements for stability of the structure as a whole.

C1.

SECOND ORDER EFFECTS
Second order (PA) effects shall be considered in the design of frames.
Design by Plastic Analysis

In structures designed on the basis of plastic analysis, as limited in Section AS.1,
the required flexural strength A, shall be determined from a second-order plastic
analysis that satisfies the requirements of Section C2.

Design by Elastic Analysis

In structures designed on the basis of elastic analysis, M, for beam-columns, con-
nections, and connected members shall be determined from a second-order elastic
analysis or from the following approximate second-order analysis procedure:

Mu = BlMﬂ + BZMI (Cl-l)
where

M, =required flexural strength in member assuming there is no lateral transla-
tion of the frame, kip-in. (N-mm)

M, =required flexural strength in member as a result of lateral translation of the
frame only, kip-in. (N-mm)

Cm

= —m > (C1-2)
(1-P, /Py)

1

_ mwEl
(KL’
where / is the moment of inertia in the plane of bending and X is the effec-
tive length factor in the plane of bending determined in accordance with
Section C2.1, for the braced frame.
P, =required axial compressive strength for the member under consideration,
kips (N)
C,, =acoefficientbased on clastic first-order analysis assuming no lateral trans-
lation of the frame whose value shall be taken as follows:

Pel

(a) For compression members not subject to transverse loading between
their supports in the plane of bending,

C, =0.6— 0.4(M, /M) (C1-3)
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C2.

SECOND ORDER EFFECTS [Sect. C1.

where A, /M, is the ratio of the smaller to larger moments at the ends
of that portion of the member unbraced in the plane of bending under
consideration. M, /M, is positive when the member is bent in reverse
curvature, negative when bent in single curvature.

(b) For compression members subjected to transverse loading between
their supports, the value of C,, shall be determined either by rational
analysis or by the use of the following values:

Formembers whose endsarerestrained. . . . . . . . . C,=0.85

Formembers whose ends areunrestrained . . . . . . . C,=1.00
B, = ;A (C1-4)

l_ZPu oh
XHL
or
1

B, =——— (C1-5)

1- Py
ZP@Z

ZP, =required axial strength of all columns in a story, kips (N)
A, =lateral inter-story deflection, in. (mm)

ZH =sum of all story horizontal forces producing A, kips (N)
L =story height, in. (mm)

2
Po = =L wips Ny
(KL

2°

where / is the moment of inertia in the plane of bending and X is the effec-
tive length factor in the plane of bending determined in accordance with
Section C2.2, for the unbraced frame.

FRAME STABILITY
Braced Frames

In trusses and frames where lateral stability is provided by diagonal bracing,
shear walls, or equivalent means, the effective length factor X for compression
members shall be taken as unity, unless structural analysis shows that a smaller
value may be used.

The vertical bracing system for a braced multistory frame shall be determined by
structural analysis to be adequate to prevent buckling of the structure and to main-
tain the lateral stability of the structure, including the overturning effects of drift,
under the factored load combinations stipulated in Section A4.

The vertical bracing system for a braced multistory frame may be considered to
function together with in-plane shear-resisting exterior and interior walls, floor
slabs, and roof decks, which are properly secured to the structural frames. The col-
umns, girders, beams, and diagonal members, when used as the vertical bracing
system, may be considered to comprise a vertically cantilevered simply connected
truss in the analyses for frame buckling and lateral stability. Axial deformation of
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1a.

2a.

Cs3.

all members in the vertical bracing system shall be included in the lateral stability
analysis.

Design by Plastic Analysis

In braced frames designed on the basis of plastic analysis, as limited in Section
A35.1, the axial force in these members caused by factored gravity plus factored hor-
izontal loads shall not exceed 0.85¢. times A,F).

Unbraced Frames

In frames where lateral stability depends upon the bending stiffness of rigidly con-
nected beams and columns, the effective length factor K of compression members
shall be determined by structural analysis. The destabilizing effects of gravity
loaded columns whose simple connections to the frame do not provide resistance to
lateral loads shall be included in the design of the moment-frame columns. Stiff-
ness reduction adjustment due to column inelasticity is permitted.

Analysis of the required strength of unbraced multistory frames shall include the
effects of frame instability and column axial deformation under the factored load
combinations stipulated in Section A4.

Design by Plastic Analysis

In unbraced frames designed on the basis of plastic analysis, as limited in Section
A3.1, the axial force in the columns caused by factored gravity plus factored hori-
zontal loads shall not exceed 0.75¢. times A,F,.

STABILITY BRACING
Scope

These requirements address the minimum brace strength and stiffness necessary to
ensure member design strengths based on the unbraced length between braces with
an effective length factor K equal to unity. Bracing is assumed to be perpendicular
to the member(s) to be braced; for inclined or diagonal bracing, the brace strength
(force or moment) and stiffness (force per unit displacement or moment per unit
rotation) must be adjusted for the angle of inclination. The evaluation of the stiff-
ness furnished by a brace shall include its member and geometric properties, as well
as the effects of connections and anchoring details.

Two general types of bracing systems are considered, relative and nodal. A relative
brace controls the movement of the brace point with respect to adjacent braced
points. A nodal brace controls the movement at the braced point without direct
interaction with adjacent braced points. The strength and stiffness furnished by the
stability bracing shall not be less than the required limits. A second order analysis
that includes an initial out-of-plumbness of the structure or out-of-straightness of
the member to obtain brace strength and stiffness can be used in lieu of the require-
ments of this section.

Frames

In braced frames where lateral stability is provided by diagonal bracing, shear
walls, or other equivalent means, the required story or panel bracing shear force is:

Py.=0.004ZP, (C3-1)
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20 STABILITY BRACING [Sect. C3.

The required story or panel shear stiffness is:

g, = 2L (C3-2)
28 ¢L
where
o =075
XP, = summation of the factored column axial loads in the story or panel sup-

ported by the bracing, kips (N)
L = story height or panel spacing, in. (mm)

These story stability requirements shall be combined with the lateral forces and
drift requirements from other sources, such as wind or seismic loading.

3. Columns

An individual column can be braced at intermediate points along its length by rela-
tive or nodal bracing systems. It is assumed that nodal braces are equally spaced
along the column.

(a) Relative Bracing

The required brace strength is:

P,.=0.004P, (C3-3)
The required brace stiffness is:
2P,
Ber - (C3-9)
0Ly
where
o =0.75
P, = required compressive strength, kips (N)
L, = distance between braces, in. (mm)
(b) Nodal Bracing
The required brace strength is:
Py,.=0.01P, (C3-5)
The required brace stiffness is:
B, =~ (€3-6)
oL,
where
o =0.75

When the actual spacing of braced points is less than Z,, where L, is the maximum
unbraced length for the required column force with K equal to one, then L, in Equa-
tions C3-4 and C3-6 is permitted to be taken equal to Z,.
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4a.

4b.

Beams

Beam bracing must prevent the relative displacement of the top and bottom flanges,
i.c. twist of the section. Lateral stability of beams shall be provided by lateral brac-
ing, torsional bracing, or a combination of the two. In members subjected to double
curvature bending, the inflection point shall not be considered a brace point.

Lateral Bracing

Bracing shall be attached near the compression flange, except for a cantilevered
member, where an end brace shall be attached near the top (tension) flange. Lateral
bracing shall be attached to both flanges at the brace point near the inflection point
for beams subjected to double curvature bending along the length to be braced.

(a) Relative Bracing
The required brace strength is:
P,.=0.008M,Cy/ h, (C3-7)

The required brace stiffness is:

B, - —4&4; (C3-8)
b'%o

where

o =075

M, = required flexural strength, kip-in. (N-mm)

h, = distance between flange centroids, in. (mm)

C,;= 1.0 for bending in single curvature; 2.0 for double curvature; C;=2.0
only applies to the brace closest to the inflection point.

L, = distance between braces, in. (mm)

(b) Nodal Bracing
The required brace strength is:
Py,.=0.02M,C,/ b, (C3-9)

The required brace stiffness is:

B _ 10M,4Cd (C3-10)
§ q)Lbho

where
0 =075

When the actual spacing of braced points is less than Z,, the maximum unbraced
length for M, then L, in Equations C3-8 and C3-10 shall be permitted to be taken
equal to L,

Torsional Bracing

Torsional bracing can be nodal or continuous along the beam length. The bracing
can be attached at any cross-sectional location and need not be attached near the
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STABILITY BRACING [Sect. C3.

compression flange. The connection between a torsional brace and the beam must
be able to support the required moment given below.

(a)

(b)

Nodal Bracing

The required bracing moment is:

 0.024M, L (©3-11)
o nC,L,

The required cross-frame or diaphragm bracing stiffness is:

Br = Py
1B (C3-12)
BSCC
where
2
g, = 2ALM, (C3-13)
OnEl,C;
3 3
g _I3E(13hn b (C3-14)
="h | 12 12

o =075

L = span length, in. (mm)

n = number of nodal braced points within the span

E =29,000 ksi (200 000 MPa)

. = out-of-plane moment of inertia, in.* (mm®*)

C, = is a modification factor defined in Chapter F

t, =beam web thickness, in. (mm)

t, = web stiffener thickness, in. (mm)

b, = stiffener width for one-sided stiffeners (use twice the individual stiff-
ener width for pairs of stiffeners), in. (mm)

r =brace stiffness excluding web distortion, kip-in/radian (N-mm/radian)

o= Web distortional stiffness, including the effect of web transverse stiff-
eners, if any, kip-in/radian (N-mm/radian)

It}

B
B

If By < Br, Equation C3-12 is negative, which indicates that torsional beam brac-
ing will not be effective due to inadequate web distortional stiffness.

When required, the web stiffener shall extend the full depth of the braced member
and shall be attached to the flange if the torsional brace is also attached to the
flange. Alternatively, it shall be permissible to stop the stiffener short by a dis-
tance equal to 4+, from any beam flange that is not directly attached to the tor-
sional brace. When the actual spacing of braced points is less than ,, then 7 in
Equation C3-11 shall be permitted to be taken equal to Z,,.

Continuous Torsional Bracing

For continuous bracing, use Equations C3-11, C3-12 and C3-13 with Z/n taken as
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1.0; the bracing moment and stiffness are given per unit span length. The
distortional stiffness for an unstiffened web is

B _ 3.3Eti (C3-15)
see 12h0
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CHAPTER D

TENSION MEMBERS

This chapter applies to prismatic members subject to axial tension caused by static forces
acting through the centroidal axis. For members subject to combined axial tension and
flexure, see Section H1.1. For threaded rods, see Section J3. For block shear rupture
strength at end connections of tension members, see Section J4.3. For the design tensile
strength of connecting elements, see Section J5.2. For members subject to fatigue, see
Section K3.

D1.

D2.

DESIGN TENSILE STRENGTH

The design strength of tension members, ¢.P,, shall be the lower value obtained
according to the limit states of yielding in the gross section and fracture in the net
section.

(a) For yielding in the gross section:

0,=0.90

P,=F,A, (D1-1)
(b) For fracture in the net section:

0,=0.75

P,=F,A4, (D1-2)

where

A4,= effective net area, in.? (mm?)

A,= gross area of member, in.> (mm?®)

F,= specified minimum yield stress, ksi (MPa)
F,= specified minimum tensile strength, ksi (MPa)

When members without holes are fully connected by welds, the effective net sec-
tionused in Equation D1-2 shall be as defined in Section B3. When holes are pres-
ent in a member with welded-end connections, or at the welded connection in the
case of plug or slot welds, the net section through the holes shall be used in Equation
DI1-2.

BUILT-UP MEMBERS

For limitations on the longitudinal spacing of connectors between elements in
continuous contact consisting of a plate and a shape or two plates, see Section J3.5.

The longitudinal spacing of connectors between components should preferably
limit the slenderness ratio in any component between the connectors to 300.
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D3.

1a.

1b.

Either perforated cover plates or tie plates without lacing are permitted to be used
onthe open sides of built-up tension members. Tie plates shall have a length not less
than two-thirds the distance between the lines of welds or fasteners connecting
them to the components of the member. The thickness of such tie plates shall not be
less than one-fiftieth of the distance between these lines. The longitudinal spacing
of intermittent welds or fasteners at tie plates shall not exceed six in. (150 mm). The
spacing of tie plates shall be such that the slenderness ratio of any component in the
length between tie plates should preferably not exceed 300.

PIN-CONNECTED MEMBERS AND EYEBARS
Pin-Connected Members

Design Strength

The design strength of a pin-connected member, $F,, shall be the lowest value of the
following limit states:

(a) Tension on the net effective area:
o=0,=0.75 (D3-1)
P,=2thyF,

(b) Shear on the effective area:
0=0y=0.75 (D3-2)
P, =0.644,

(c) For bearing on the projected area of the pin, see Section J8.

(d) For yielding in the gross section, use Equation D1-1.

where

Ag=2Ha+d/2),in? (mm?)

a = shortest distance from edge of the pin hole to the edge of the member mea-
sured parallel to the direction of the force, in. (mm)

b=21+0.63,1n. (= 2¢ + 16, mm) but not more than the actual distance from the
edge of the hole to the edge of the part measured in the direction normal to
the applied force

d =pin diameter, in. (mm)

t =thickness of plate, in. (mm)

Detailing Requirements

The pin hole shall be located midway between the edges of the member in the direc-
tion normal to the applied force. When the pin is expected to provide for relative
movement between connected parts while under full load, the diameter of the pin
hole shall not be more than %4,-in. (1 mm) greater than the diameter of the pin.

The width of the plate beyond the pin hole shall not be less than 254+ d and the min-
imum extension, g, beyond the bearing end of the pin hole, parallel to the axis of the
member, shall not be less than 1.33 x b4

The corners beyond the pin hole are permitted to be cut at 45° to the axis of the
member, provided the net area beyond the pin hole, on a plane perpendicular to the
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2a.

2b.

PIN-CONNECTED MEMBERS AND EYEBARS [Sect. D3.

cut, is not less than that required beyond the pin hole parallel to the axis of the
member.

Eyebars
Design Strength

The design strength of eyebars shall be determined in accordance with Section D1,
with 4, taken as the cross-sectional area of the body.

For calculation purposes, the width of the body of the eyebars shall not exceed eight
times its thickness.

Detailing Requirements

Eyebars shall be of uniform thickness, without reinforcement at the pin holes, and
have circular heads whose periphery is concentric with the pin hole.

The radius of transition between the circular head and the eyebar body shall not be
less than the head diameter.

The pin diameter shall not be less than seven-cighths times the eyebar body width,
and the pin hole diameter shall not be more than '4,-in (1 mm) greater than the pin
diameter.

For steels having F, greater than 70 ksi (485 MPa), the hole diameter shall not
exceed five times the plate thickness and the width of the eyebar body shall be
reduced accordingly.

A thickness of less than 4-in. (13 mm) is permissible only if external nuts are
provided to tighten pin plates and filler plates into snug contact. The width from the
hole edge to the plate edge perpendicular to the direction of applied load shall be
greater than two-thirds and, for the purpose of calculation, not more than
three-fourths times the eyebar body width.
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CHAPTERE

COLUMNS AND OTHER COMPRESSION MEMBERS

This chapter applies to compact and non-compact prismatic members subject to axial
compression through the centroidal axis. For members subject to combined axial com-
pression and flexure, see Section H1.2. For members with slender compression elements,
see Appendix B5.3. For tapered members, see Appendix F3.

El.

1.

E2.

EFFECTIVE LENGTH AND SLENDERNESS LIMITATIONS

Effective Length

The effective length factor K shall be determined in accordance with Section C2.
Design by Plastic Analysis

Design by plastic analysis, as limited in Section A5.1, is permitted if the column
slenderness parameter A, does not exceed 1.5K.

DESIGN COMPRESSIVE STRENGTH FOR FLEXURAL BUCKLING

The design strength for flexural buckling of compression members whose elements
have width-thickness ratios less than A, from Section B5.1 is ¢.P,:

0. =0.85
P,=A,F, (E2-1)

(a) ForA. <15
Fo =(0658" )F, (E2-2)

(b) ForA,>1.5
P, o= [0;;77 ] F, (E2-3)

where
F

A, = gross area of member, in.” (mm?®)

F, = specified minimum yield stress, ksi (MPa)

E =modulus of elasticity, ksi (MPa)

K = effective length factor

/= laterally unbraced length of member, in. (mm)

r = governing radius of gyration about the axis of buckling, in. (mm)
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E3.

E4.

DESIGN COMPRESSIVE STRENGTH FOR FLEXURAL BUCKLING [Sect. E2.

For members whose elements do not meet the requirements of Section B5.1, see
Appendix B5.3.

DESIGN COMPRESSIVE STRENGTH FOR
FLEXURAL-TORSIONAL BUCKLING

The design strength for flexural-torsional buckling of double-angle and tee-shaped
compression members whose elements have width-thickness ratios less than A,
from Section B5.1 is ¢.P,:

where
0, =0.85
Pn :Achrj'r (E3'1)
b, +F, 4r, b H
Fu=—"0 - I (E3-2)
2H (Fop T 1)
GJ
F crz = —2
Ar,
r, = polar radius of gyration about shear center, in. (mm) (seec Equation
A-E3-8)
y2
H = 1—7—‘;

¥y, = distance between shear center and centroid, in. (mm)

F,,, is determined according to Section E2 for flexural buckling about the y-axis of
F

symmetry for A, = KLy

rymV E

For double-angle and tee-shaped members whose elements do not meet the require-
ments of Section B5.1, see Appendix B5.3 to determine F,,, for use in Equation
E3-1.

Other singly symmetric and unsymmetric columns, and doubly symmetric col-
umns, such as cruciform or built-up columns, with very thin walls shall be designed
for the limit states of flexural-torsional and torsional buckling in accordance with
Appendix E3.

BUILT-UP MEMBERS
Design Strength

The design strength of built-up members composed of two or more shapes shall be
determined in accordance with Section E2 and Section E3 subject to the following
modification. If the buckling mode involves relative deformations that produce
shear forces in the connectors between individual shapes, K//r is replaced by
(K1/r),, determined as follows:
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(a) For intermediate connectors that are snug-tight bolted:

2 2
LA A
Y Jm Y Jo ¥

(b) For intermediate connectors that are welded or fully tensioned bolted:
2 2 2
KOV (R o2 (4 (E4-2)
L - r o) (1+ (12) Vip

(Kl ) = column slenderness of built-up member acting as a unit

where

7

(Kl ) = modified column slenderness of built-up member
r "

a = distance between connectors, in. (mm)

i = minimum radius of gyration of individual component, in. (mm)

ri = radius of gyration of individual component relative to its centroidal axis
parallel to member axis of buckling, in. (mm)

o = separation ratio = i / 2ry

h = distance between centroids of individual components perpendicular to

the member axis of buckling, in. (mm)
2.  Detailing Requirements

At the ends of built-up compression members bearing on base plates or milled sur-
faces, all components in contact with one another shall be connected by a weld hav-
ing a length not less than the maximum width of the member or by bolts spaced lon-
gitudinally not more than four diameters apart for a distance equal to 1}4 times the
maximum width of the member.

Along the length of built-up compression members between the end connections
required above, longitudinal spacing for intermittent welds, bolts, or rivets shall be
adequate to provide for the transfer of the required forces. For limitations on the
longitudinal spacing of connectors between elements in continuous contact con-
sisting of a plate and a shape or two plates, see Section J3.5. Where a component of
a built-up compression member consists of an outside plate, the maximum spacing
shall not exceed the thickness of the thinner outside plate times 0.75,/ £/ F,, . nor 12
in. (305 mm), when intermittent welds are provided along the edges of the compo-
nents or when fasteners are provided on all gage lines at each section. When fasten-
ers are staggered, the maximum spacing on each gage line shall not exceed the
thickness of the thinner outside plate times 112./E/ F, nor 18 in. (460 mm).

Individual components of compression members composed of two or more shapes
shall be connected to one another at intervals, a, such that the effective slenderness
ratio Ka / r; of each of the component shapes, between the connectors, does not
exceed three-fourths times the governing slenderness ratio of the built-up member.
The least radius of gyration , shall be used in computing the slenderness ratio of
each component part. The end connection shall be welded or fully tensioned bolted
with clean mill scale or blast-cleaned faying surfaces with Class A coatings.
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BUILT-UP MEMBERS [Sect. E4.

Open sides of compression members built up from plates or shapes shall be pro-
vided with continuous cover plates perforated with a succession of access holes.
The unsupported width of such plates at access holes, as defined in Section B35 .1, is
assumed to contribute to the design strength provided that:

(1) The width-thickness ratio conforms to the limitations of Section B5.1.
(2) The ratio of length (indirection of stress) to width of hole shall not exceed two.

(3) The clear distance between holes in the direction of stress shall be not less than
the transverse distance between nearest lines of connecting fasteners or welds.

(4) The periphery of the holes at all points shall have a minimum radius of 1%-in.
(38 mm).

As an alternative to perforated cover plates, lacing with tie plates is permitted at
each end and at intermediate points if the lacing is interrupted. Tie plates shall be as
near the ends as practicable. In main members providing design strength, the end tie
plates shall have a length of not less than the distance between the lines of fasteners
orwelds connecting them to the components of the member. Intermediate tie plates
shall have alength not less than one-half of this distance. The thickness of tie plates
shall be not less than one-fifticth of the distance between lines of welds or fasteners
connecting them to the segments of the members. In welded construction, the weld-
ing on cach line connecting a tic plate shall aggregate not less than one-third the
length of the plate. Inbolted and riveted construction, the spacing in the direction of
stress in tie plates shall be not more than six diameters and the tie plates shall be
connected to each segment by at least three fasteners.

Lacing, including flat bars, angles, channels, or other shapes employed as lacing,
shall be so spaced that // » of the flange included between their connections shall not
exceed the governing slenderness ratio for the member as a whole. Lacing shall be
proportioned to provide a shearing strength normal to the axis of the member equal
to two percent of the compressive design strength of the member. The //  ratio for
lacing bars arranged in single systems shall not exceed 140. For double lacing this
ratio shall not exceed 200. Double lacing bars shall be joined at the intersections.
For lacing bars in compression, / is permitted to be taken as the unsupported length
of the lacing bar between welds or fasteners connecting it to the components of the
built-up member for single lacing, and 70 percent of that distance for double lacing.
The inclination of lacing bars to the axis of the member shall preferably be not less
than 60° for single lacing and 45° for double lacing. When the distance between the
lines of welds or fasteners in the flanges is more than 15 in. (380 mm), the lacing
shall preferably be double or be made of angles.

For additional spacing requirements, see Section J3.

CONNECTIONS FOR PIN-CONNECTED COMPRESSION MEMBERS

Pin connections of pin-connected compression members shall conform to the
requirements of Sections D3.1 and D3.2, except Equations D3-1 and D3-2 do not

apply.
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CHAPTERF

BEAMS AND OTHER FLEXURAL MEMBERS

This chapter applies to compact and noncompact prismatic members subject to flexure
and shear. For members subject to combined flexure and axial force, see Section H1. For
members subject to fatigue, see Section K3. For members with slender compression ele-
ments, see Appendix B5. For web-tapered members, see Appendix F3. For members with
slender web elements (plate girders), see Appendix G.

F1.

DESIGN FOR FLEXURE

The nominal flexural strength M, is the lowest value obtained according to the limit
states of: (a) yielding; (b) lateral-torsional buckling; (c) flange local buckling; and
(d) web local buckling. For laterally braced compact beams with L, < ,,, only the
limit state of yielding is applicable. For unbraced compact beams and noncompact
tees and double angles, only the limit states of yielding and lateral-torsional buck-
ling are applicable. The lateral-torsional buckling limit state is not applicable to
members subject to bending about the minor axis, or to square or circular shapes.

This section applies to homogeneous and hybrid shapes with at least one axis of
symmetry and which are subject to simple bending about one principal axis. For
simple bending, the beam is loaded in a plane parallel to a principal axis that passes
through the shear center or the beam is restrained against twisting at load points and
supports. Only the limit states of yielding and lateral-torsional buckling are consid-
ered in this section. The lateral-torsional buckling provisions are limited to doubly
symmetric shapes, channels, double angles, and tees. For lateral-torsional buckling
of other singly symmetric shapes and for the limit states of flange local buckling
and web local buckling of noncompact or slender-element sections, see Appendix
F1. For unsymmetric shapes and beams subject to torsion combined with flexure,
see Section H2. For biaxial bending, see Section H1.

Yielding

The flexural design strength of beams, determined by the limit state of yielding, is
OpM,:

05 =0.90
M, =M, (F1-1)
where

M, = plastic moment (= F, Z< 1.5M, forhomogeneous sections), kip-in. (N-mm)

M, = moment corresponding to onset of yielding at the extreme fiber from an
elastic stress distribution (= F.S for homogeneous section and 7S for hy-
brid sections), kip-in. (N-mm)
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DESIGN FOR FLEXURE [Sect. F1.

See Section B10 for further limitations on A7, where there are holes in the tension
flange.

Lateral-Torsional Buckling

This limit state is only applicable to members subject to major axis bending. The
flexural design strength, determined by the limit state of lateral-torsional buckling,
is M,

o, =0.90
M, =nominal flexural strength determined as follows

Doubly Symmetric Shapes and Channels with L, <L,
The nominal flexural strength is:

L,—L
A/[n:Cb [Mp_(Mp _Mr)(L _LP J]SMP (Fl'z)
r r

where

L, = distance between points braced against lateral displacement of the com-
pression flange, or between points braced to prevent twist of the cross
section, in. (mm)

L, =limiting laterally unbraced length as defined below, in. (mm)

L, =limiting laterally unbraced length as defined below, in. (mm)

M, = limiting buckling moment as defined below, kip-in. (N-mm)

In the above equation, C; is a modification factor for non-uniform moment dia-
grams where, when both ends of the beam segment are braced:

- 12.5M,,, (F1-3)
25M,, +3M, +4M, +3M,

max

where

M. = absolute value of maximum moment in the unbraced segment, kip-in.

(N-mm)

M, = absolute value of moment at quarter point of the unbraced segment,
kip-in. (N-mm)

My = absolute value of moment at centerline of the unbraced beam segment,
kip-in. (N-mm)

M. = absolute value of moment at three-quarter point of the unbraced beam
segment, kip-in. (N-mm)

C} 1s permitted to be conservatively taken as 1.0 for all cases. Equations F1-4 and
F1-6 are conservatively based on C, = 1.0. For cantilevers or overhangs where the
free end is unbraced, C, = 1.0.

The limiting unbraced length, L, shall be determined as follows.

(a) For I-shaped members including hybrid sections and channels:
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L,=176r, £ Fl1-4)
Ny

(b) For solid rectangular bars and box sections:

7

0.13r.E -
L = M-V JJA (F1-5)

P
where

A = cross-sectional area, in.? (mm?)
J = torsional constant, in.* (mm®*)

The limiting laterally unbraced length 7, and the corresponding buckling moment
M, shall be determined as follows.

(a) For doubly symmetric I-shaped members and channels:

r X
L = -}:1 ,/1+,/1+X2F§ F1-6)

L

M, = IS, (F1-7)
where
x =T |EGA (F1-8)
SN 2
2
X, = 4 Cn (e (F1-9)
I, \GJ

S, = section modulus about major axis, in.* (mm?)

E = modulus of elasticity of steel, 29,000 ksi (200 000 MPa)

G = shear modulus of elasticity of steel, 11,200 ksi (77 200 MPa)

Fy = smaller of (F,; — F}) or F,,, , ksi (MPa)

F, =compressive residual stress in flange; 10 ksi (69 MPa) for rolled
shapes, 16.5 ksi (114 MPa) for welded built-up shapes

Fr = yield stress of flange, ksi (MPa)

F,,,=yield stress of web, ksi (MPa)

I, =moment of inertia about y-axis, in.* (mm®*)

C,, = warping constant, in.° (mm°®)

(b) For solid rectangular bars and box sections:

[ o ENJA (F1-10)
r M‘
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2b.

2¢.

DESIGN FOR FLEXURE [Sect. F1.

Doubly Symmetric Shapes and Channels with L, > L,
The nominal flexural strength is:

M,=M, < M, (F1-12)
where M, is the critical elastic moment, determined as follows.

(a) For doubly symmetric I-shaped members and channels:

2
M., =Cbl\/E1yGJ+ =\ c, F1-13)
Ly Ly

_CbeXlx/E 1+ X12X2
Ly/ry 2Ly /7y)°

(b) For solid rectangular bars and symmetric box sections:

_ 57000C,JJA
“ LI,

(F1-14)

Tees and Double Angles

For tees and double-angle beams loaded in the plane of symmetry:

n cr

M= :TLE]'VGJ[Bﬂ/HBZ] (F1-15)

b

where

M, <1.5M, for stems in tension
M, <1.0M, for stems in compression

B =x23(d/L)JI, 77 (F1-16)

The plus sign for B applies when the stem is in tension and the minus sign applies
when the stem is in compression. If the tip of the stem is in compression anywhere
along the unbraced length, use the negative value of B.

Design by Plastic Analysis

Design by plastic analysis, as limited in Section A5.1, is permitted for a compact
section member bent about the major axis when the laterally unbraced length 7, of
the compression flange adjacent to plastic hinge locations associated with the fail-
ure mechanism does not exceed L, determined as follows.

(a) For doubly symmetric and singly symmetric I-shaped members with the com-
pression flange equal to or larger than the tension flange (including hybrid
members) loaded in the plane of the web:
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F2.

L= [0.12+0.076[%J:|(£}y (F1-17)
M, )|\ F T

F, = specified minimum yield stress of the compression flange, ksi (MPa)
M, = smaller moment at end of unbraced length of beam, kip-in. (N-mm)
M,=larger moment at end of unbraced length of beam, kip-in. (N-mm)

r, = radius of gyration about minor axis, in. (mm)

where

(M, / M) 1s positive when moments cause reverse curvature and negative for
single curvature

(b) For solid rectangular bars and symmetric box beams:

Lm:[0.17+0.10[%1|(£}yZO.IO(E}V (F1-18)

There is no limit on 7, for members with circular or square cross sections nor for
any beam bent about its minor axis.

Inthe region of the last hinge to form, and in regions not adjacent to a plastic hinge,
the flexural design strength shall be determined in accordance with Section F1.2.
DESIGN FOR SHEAR

This section applies to unstiffened webs of singly or doubly symmetric beams,
including hybrid beams, and channels subject to shear in the plane of the web. For
the design shear strength of webs with stiffeners, see Appendix F2 or Appendix G3.
For shear in the weak direction of the shapes above, pipes, and unsymmetric sec-
tions, see Section H2. For web panels subject to high shear, see Section K1.7. For
shear strength at connections, see Sections J4 and J5.

Web Area Determination

The web arca 4,, shall be taken as the overall depth d times the web thickness .
Design Shear Strength

The design shear strength of unstiffened webs, with 2 /£, < 260, is ¢,V

where

¢,=0.90
17,= nominal shear strength defined as follows.

(a) Forh/t,<245JETF,,
V,=0.6F,A, (F2-1)

(b) For245(E/F,, <h/t,<307JE[F,,

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



36

F3.

F4.

DESIGN FOR SHEAR [Sect. F2.

245.[E/F,,
V,=06F, A4, ——=

hit, (F2-2)

(©) For3.07JETF,, <h/t,<260

4.52F
V= A, |22 2-3
[(h/rw)] =

The general design shear strength of webs with or without stiffeners is given in
Appendix F2.2 and an alternative method utilizing tension field action is given in
Appendix G3.

Transverse Stiffeners
See Appendix F2.3.

WEB-TAPERED MEMBERS
See Appendix F3.

BEAMS AND GIRDERS WITH WEB OPENINGS

The effect of all web openings on the design strength of steel and composite beams
shall be determined. Adequate reinforcement shall be provided when the required
strength exceeds the design strength of the member at the opening.
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CHAPTER G

PLATE GIRDERS

I-shaped plate girders shall be distinguished from I-shaped beams on the basis of the web
slenderness ratio / /¢,. When this value is greater than A, the provisions of Appendices G1
and G2 shall apply for design flexural strength. For 22/, <A, the provisions of Chapter F
or Appendix F shall apply for design flexural strength. For girders with unequal flanges,
see Appendix B5.1.

The design shear strength and transverse stiffener design shall be based on either Section
F2 (without tension-field action) or Appendix G3 (with tension-field action). For girders
with unequal flanges, see Appendix B5.1.
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CHAPTERH

MEMBERS UNDER COMBINED FORCES AND TORSION

This chapter applies to prismatic members subject to axial force and flexure about one or
both axes of symmetry, with or without torsion, and torsion only. For web-tapered mem-
bers, see Appendix F3.

H1.

SYMMETRIC MEMBERS SUBJECT TO BENDING AND AXIAL
FORCE

Doubly and Singly Symmetric Members in Flexure and Tension

The interaction of flexure and tension in symmetric shapes shall be limited by
Equations H1-1a and H1-1b.

P
For —4—2>0.2
(a) For oP

n

M
L 8 Me Mo |y (HI-1a)
q)R? 9 q)szx q)szy
P
(b) For ¢—;:7<0.2
M
L | Me Mo oy (H1-1b)
2¢R7 q)szx q)szy

where

P, =required tensile strength, kips (N)

P, =nominal tensile strength determined in accordance with Section D 1, kips
M)

M, =required flexural strength determined in accordance with Section Cl1,
kip-in. (N-mm)

M, =nominal flexural strength determined in accordance with Section F1,
kip-in. (N-mm)

x = subscript relating symbol to strong axis bending

y = subscript relating symbol to weak axis bending

0 = ¢, = resistance factor for tension (see Section D1)

0, = resistance factor for flexure = 0.90

A more detailed analysis of the interaction of flexure and tensionis permitted inlieu
of Equations H1-1a and H1-1b.
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H2.

H3.

Doubly and Singly Symmetric Members in Flexure and Compression

The interaction of flexure and compression in symmetric shapes shall be limited by
Equations H1-1a and H1-1b

where

P, =required compressive strength, kips (N)

P, =nominal compressive strength determined in accordance with Section E2,
kips (N)

¢ = ¢, =resistance factor for compression = 0.85 (see Section E2)

0, = resistance factor for flexure = 0.90

UNSYMMETRIC MEMBERS AND MEMBERS UNDER TORSION AND
COMBINED TORSION, FLEXURE, SHEAR, AND/OR AXTAL FORCE

The design strength, of the member shall equal or exceed the required strength
expressed in terms of the normal stress f;, or the shear stress f,,, determined by elas-
tic analysis for the factored loads:

(a) For the limit state of yielding under normal stress:

(H2-1)
(b) For the limit state of yieldifrg
Errata
Suw< 0.6dF, ] (H2-2) | gai01
d» = 0.90
(c) For the limit state of buckli
SO [, < ¢ as applicable (H2-3)

0.= 0.85

Some constrained local yieldinig
elastic.

ditted adjacent to areas which remain

ALTERNATIVE INTERACTION EQUATIONS FOR MEMBERS UNDER
COMBINED STRESS

See Appendix H3.
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CHAPTERI

COMPOSITE MEMBERS

This chapter applies to composite columns composed of rolled or built-up structural steel
shapes, pipe or HSS, and structural concrete acting together and to steel beams supporting
a reinforced concrete slab so interconnected that the beams and the slab act together to
resist bending. Simple and continuous composite beams with shear connectors and
concrete-encased beams, constructed with or without temporary shores, are included.

I1.

DESIGN ASSUMPTIONS AND DEFINITIONS

Force Determination. In determining forces in members and connections of a struc-
ture that includes composite beams, consideration shall be given to the effective
sections at the time each increment of load is applied.

Elastic Analysis. For an elastic analysis of continuous composite beams without
haunched ends, it is permissible to assume that the stiffness of a beam is uniform
throughout the beam length. The stiffness is permitted to be computed using the
weighted average of the moments of inertia in the positive moment region and the
negative moment region.

Plastic Analysis. When plastic analysis is used, as limited in Section A5.1, the
strength of flexural composite members shall be determined from plastic stress
distributions.

Plastic Stress Distribution for Positive Moment. If the slab in the positive moment
region is connected to the steel beam with shear connectors, a concrete stress of
0.85f is permitted to be assumed uniformly distributed throughout the effective
compression zone, where £ is the specified compressive strength of the concrete.
Concrete tensile strength shall be neglected. A uniformly distributed steel stress of
F, shall be assumed throughout the tension zone and throughout the compression
zone in the structural steel section. The net tensile force in the steel section shall be
equal to the compressive force in the concrete slab.

Plastic Stress Distribution for Negative Moment. If the slab in the negative moment
region is connected to the steel beam with shear connectors, a tensile stress of F,,
shall be assumed in all adequately developed longitudinal reinforcing bars within
the effective width of the concrete slab. Concrete tensile strength shall be neglected.
A uniformly distributed steel stress of F), shall be assumed throughout the tension
zone and throughout the compression zone in the structural steel section. The net
compressive force in the steel section shall be equal to the total tensile force in the
reinforcing steel.

Elastic Stress Distribution. When a determination of ¢lastic stress distribution is
required, strains in steel and concrete shall be assumed directly proportional to the
distance from the neutral axis. The stress shall equal strain times modulus of elas-
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I12.

ticity for steel, £, or modulus of elasticity for concrete, £.. Concrete tensile strength
shall be neglected. Maximum stress in the steel shall not exceed 7. Maximum com-
pressive stress in the concrete shall not exceed 0.85f.. In composite hybrid beams,
the maximum stress in the steel flange shall not exceed £, but the strain in the web
may exceed the yield strain; the stress shall be taken as £, at such locations.

Fully Composite Beam. Shear connectors are provided in sufficient numbers to
develop the maximum flexural strength of the composite beam. For elastic stress
distribution it shall be assumed that no slip occurs.

Partially Composite Beam. The shear strength of shear connectors governs the flex-
ural strength of the partially composite beam. Elastic computations such as those
for deflections, fatigue, and vibrations shall include the effect of slip.

Concrete-Encased Beam. A beam totally encased in concrete cast integrally with
the slab may be assumed to be interconnected to the concrete by natural bond, with-
out additional anchorage, provided that: (1) concrete cover over the beam sides and
soffit is at least two in. (50 mm); (2) the top of the beam is at least 1)4-in. (38 mm)
below the top and two in. (50 mm) above the bottom of the slab; and (3) concrete
encasement contains adequate mesh or other reinforcing steel to prevent spalling of
concrete.

Composite Column. A steel column fabricated from rolled or built-up steel shapes
and encased in structural concrete or fabricated from steel pipe or HSS and filled
with structural concrete.

Encased Composite Column. A steel column fabricated from rolled or built-up
shapes and encased in structural concrete.

Filled Composite Column. Structural steel HSS or pipes that are filled with struc-
tural concrete.

COMPRESSION MEMBERS
Limitations
To qualify as a composite column, the following limitations shall be met:

(1) The cross-sectional area of the steel shape, pipe, or HSS shall comprise at least
four percent of the total composite cross section.

(2) Concrete encasement of a steel core shall be reinforced with longitudinal
load-carrying bars, longitudinal bars to restrain concrete, and lateral ties. Lon-
gitudinal load-carrying bars shall be continuous at framed levels; longitudinal
restraining bars may be interrupted at framed levels. The spacing of ties shall
be not greater than two-thirds of the least dimension of the composite cross
section. The cross-sectional area of the transverse and longitudinal reinforce-
ment shall be at least 0.007 sq. in. per in. (180 mm?per m) of bar spacing. The
encasement shall provide at least 1'4-in. (38 mm) of clear cover outside of both
transverse and longitudinal reinforcement.

(3) Concrete shall have a specified compressive strength f;” of not less than 3 ksi
(21 MPa) nor more than 8 ksi (55 MPa) for normal weight concrete and not less
than 4 ksi (28 MPa) for light weight concrete.

(4) The specified minimum yield stress of structural steel and reinforcing bars
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used in calculating the strength of a composite column shall not exceed 60 ksi
(415 MPa).

(5) The minimum wall thickness of structural steel pipe or HSS filled with con-
crete shall be equal to b/ F,, /3 E for each face of width 5 in rectangular sec-
tions and D/ F, /8 I for circular sections of outside diameter D.

Design Strength
The design strength of axially loaded composite columns is ¢.P,,
where

¢, =0.85
P,=nominal axial compressive strength determined from Equations E2-1
through E2-4 with the following modifications:

(1) A,isreplacedby A,, the gross area of steel shape, pipe, or HSS, in.? (mm?)

(2) risreplacedby r,, the radius of gyration of the steel shape, pipe, or HSS ex-
cept that for steel shapes it shall not be less than 0.3 times the overall thick-
ness of the composite cross section in the plane of buckling, in. (mm)

(3) F,isreplaced by F,,,, the modified yield stress from Equation I2-1

Eny = Fy + chyr (Ar /As) + ch;,(Ac /As) (Iz_l)
(4) FEisreplacedby E,,. the modified modulus of elasticity from Equation12-2.
E,=E+aE (4. /45) (12-2)
where

A, = area of concrete, in.> (mm®)

A, = area of longitudinal reinforcing bars, in.> (mm®)

A, = area of steel, in.? (mm?)

E = modulus of clasticity of steel, ksi (MPa)

E, = modulus of elasticity of concrete. E, is permitted to be computed
from F, =w'>\[f] (metric: £, =0.041w'> /£ ) where w, the unit
weight of concrete, is expressed in Ibs./cu. ft (kg/m®) and £’ is ex-
pressed in ksi (MPa).

F, = gpecified minimum yield stress of steel shape, pipe, or HSS, ksi
(MPa)

F, = specified minimum yield stress of longitudinal reinforcing bars, ksi
(MPa)

I = specified compressive strength of concrete, ksi (MPa)

1, ¢y, c;=numerical coefficients. For concrete-filled pipe and HSS: ¢,=1.0, ¢,
=0.85, and ¢; = 0.4; for concrete-encased shapes ¢; =0.7, ¢, = 0.6,
and ¢;=0.2

Columns with Multiple Steel Shapes

If the composite cross section includes two or more steel shapes, the shapes shall be
interconnected with lacing, tic plates, or batten plates to prevent buckling of indi-
vidual shapes before hardening of concrete.
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I13.

Load Transfer

Loads applied to axially loaded encased composite columns shall be transferred
between the steel and concrete in accordance with the following requirements:

(a) When the external force is applied directly to the steel section, shear connec-
tors shall be provided to transfer the force V,” as follows:

I/u,: Vu(l _ASFV /Pn) (12_3)
where

17,= force introduced to column, kips (N)

A,= area of steel section, in.? (mm?®)

F,= yield strength of the steel section, ksi (MPa)

P,=nominal compressive strength of the composite column without consid-
eration of slenderness effects, kips (N)

(b) When the external force is applied directly to the concrete encasement, shear
connectors shall be provided to transfer the force 1, as follows:

Vil = VAL IP,) (12-4)

Shear connectors transferring the force 1,” shall be distributed along the length of
the member. The maximum connector spacing shall be 16 in. (405 mm) and con-
nectors shall be placed on at least two faces of the steel shape in a configuration
symmetrical about the steel shape axes.

Where the supporting concrete area in direct bearing is wider than the loaded area
on one or more sides and otherwise restrained laterally on the remaining sides, the
maximum design strength shall be:

op 1745 (12-5)
where
05 = 0.65
Ap =loaded area, in.” (mm?)
FLEXURAL MEMBERS
Effective Width

The effective width of the concrete slab is the sum of the effective widths for each
side of the beam center-line, cach of which shall not exceed:

(1) one-cighth of the beam span, center-to-center of supports;

(2) one-half the distance to the center-line of the adjacent beam; or
(3) the distance to the edge of the slab.

Design Strength of Beams with Shear Connectors

The positive design flexural strength ¢, shall be determined as follows:
(@ Forh/t, <376 JE/Fy:
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¢, = 0.85; M, shall be determined from the plastic stress distribution on the
composite section.

(b) Forh/1,>376JE] Fy :

¢, =0.90; M, shall be determined from the superposition of clastic stresses,
considering the effects of shoring.

The negative design flexural strength ¢,A7, shall be determined for the steel section
alone, in accordance with the requirements of Chapter F.

Alternatively, the negative design flexural strength ¢, shall be computed with: ¢,
= (.85 and M, determined from the plastic stress distribution on the composite sec-
tion, provided that:

(1) Steelbeamisanadequately braced compact section, as defined in Section BS.

(2) Shear connectors connect the slab to the steel beam in the negative moment
region.

(3) Slab reinforcement parallel to the steel beam, within the effective width of the
slab, is properly developed.

Design Strength of Concrete-Encased Beams

The design flexural strength ¢, shall be computed with ¢, = 0.90 and A, deter-
mined from the superposition of elastic stresses, considering the effects of shoring,

Alternatively, the design flexural strength ¢, shall be computed with ¢, = 0.90
and M, determined from the plastic stress distribution on the steel section alone.

If shear connectors are provided and the concrete meets the requirements of Section
12.1(2), the design flexural strength ¢,A4, shall be computed based upon the plastic
stress distribution on the composite section with ¢,= 0.85.

Strength During Construction

When temporary shores are not used during construction, the steel section alone
shall have adequate strength to support all loads applied prior to the concrete attain-
ing 75 percent of its specified strength f.’. The design flexural strength of the steel
section shall be determined in accordance with the requirements of Section F1.

Formed Steel Deck
General

The design flexural strength, ¢,A1,, of composite construction consisting of con-
crete slabs on formed steel deck connected to steel beams shall be determined by
the applicable portions of Section 13.2, with the following modifications:

(1) This section is applicable to decks with nominal rib height not greater than
three in. (75 mm). The average width of concrete rib or haunch w, shall be not
less thantwo in. (50 mm), but shall not be taken in calculations as more than the
minimum clear width near the top of the steel deck. See Section I3.5¢ for addi-
tional restrictions.

(2) The concrete slab shall be connected to the steel beam with welded stud shear
connectors ¥-in. (19 mm) or less in diameter (AWS D1.1). Studs shall be
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welded either through the deck or directly to the steel beam. Stud shear connec-
tors, after installation, shall extend not less than 1%4-in. (38 mm) above the top
of the steel deck.

The slab thickness above the steel deck shall be not less than two in. (50 mm).
Deck Ribs Oriented Perpendicular to Steel Beam

Concrete below the top of the steel deck shall be neglected in determining section
properties and in calculating A. for deck ribs oriented perpendicular to the steel
beams.

The spacing of stud shear connectors along the length of a supporting beam shall
not exceed 36 in. (915 mm).

The nominal strength of a stud shear connector shall be the value stipulated in Sec-
tion IS multiplied by the following reduction factor:

&(wr/h,)[(Hs/h,)—l.O]sl.O (I3-1)
V Nr
where
A, =nominal rib height, in. (mm)

H; =length of stud connector after welding, in. (mm), not to exceed the value
h,.+3 in. (75 mm) in computations, although actual length may be greater

N, =number of stud connectors in one rib at a beam intersection, not to exceed
three in computations, although more than three studs may be installed

w, = average width of concrete rib or haunch (as defined in Section 13.5a), in.
(mm)

Where there is only a single stud placed in a rib oriented perpendicular to the steel
beam, the reduction factor of Equation I3-1 shall not exceed 0.75.

To resist uplift, steel deck shall be anchored to all supporting members at a spacing
not to exceed 18 in. (460 mm). Such anchorage shall be provided by stud connec-
tors, a combination of stud connectors and arc spot (puddle) welds, or other devices
specified by the designer.

Deck Ribs Oriented Parallel to Steel Beam

Concrete below the top of the steel deck may be included in determining section
properties and shall be included in calculating A, in Section I5.

Steel deck ribs over supporting beams may be split longitudinally and separated to
form a concrete haunch.

When the nominal depth of steel deck is 1%-in. (38 mm) or greater, the average
widthw, of the supported haunch or rib shall be not less than two in. (50 mm) for the
first stud in the transverse row plus four stud diameters for each additional stud.

The nominal strength of a stud shear connector shall be the value stipulated in Sec-
tion I5, except that when w, /%, is less than 1.5, the value from Section I5 shall be
multiplied by the following reduction factor:

0.6(w, / h)[(H,/h)—1.0] < 1.0 13-2)
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where 4, and H; are as defined in Section 13.5b and w,. is the average width of con-
crete rib or haunch as defined in Section 13.5a.

Design Shear Strength

The design shear strength of composite beams shall be determined by the shear
strength of the steel web, in accordance with Section F2.

COMBINED COMPRESSION AND FLEXURE

The interaction of axial compression and flexure in the plane of symmetry on com-
posite members shall be limited by Section H1.2 with the following modifications:

M,  =nominal flexural strength determined from plastic stress distribution on
the composite cross section except as provided below, kip-in. (N-mm)

P, By = AF,,/ A\’ elastic buckling load, kips (N)

I, = modified yield stress, ksi (MPa), see Section 12

Op = resistance factor for flexure from Section I3

0, = resistance factor for compression = 0.85

A = column slenderness parameter defined by Equation E2-4 as modified in
Section 12.2

When the axial term in Equations H1-1a and H1-1b is less than 0.3, the nominal
flexural strength M, shall be determined by straight line transition between the
nominal flexural strength determined from the plastic distribution on the composite
cross sections at (P,/¢.P, ) = 0.3 and the flexural strength at £, =0 as determined in
Section I3. If shear connectors are used at P, = 0, they shall be provided whenever
P, /0.P,1s less than 0.3,

SHEAR CONNECTORS

This section applies to the design of stud and channel shear connectors. For connec-
tors of other types, see Section I6.

Materials

Shear connectors shall be headed steel studs not less than four stud diameters in
length after installation, or hot rolled steel channels. The stud connectors shall con-
form to the requirements of Section A3.6. The channel connectors shall conform to
the requirements of Section A3. Shear connectors shall be embedded in concrete
slabs made with ASTM C33 aggregate or with rotary kiln produced aggregates con-
fonni3ng to ASTM (330, with concrete unit weight not less than 90 pcf (1 440
kg/m’).

Horizontal Shear Force

The entire horizontal shear at the interface between the steel beam and the concrete
slab shall be assumed to be transferred by shear connectors, except for con-
crete-encased beams as defined in Section I1. For composite action with concrete
subject to flexural compression, the total horizontal shear force between the point
of maximum positive moment and the point of zero moment shall be taken as the
smallest of the following: (a) 0.85f4,; (b) 4F,; and (c) ZQ,;

where
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A, = area of concrete slab within effective width, in.> (mm?)

A, =area of steel cross section, in.? (mm?)

Z(0, = sum of nominal strengths of shear connectors between the point of maxi-
mum positive moment and the point of zero moment, kips (N)

For hybrid beams, the yield force shall be computed separately for each component
of the cross section; 4,F, of the entire cross section is the sum of the component
yield forces.

Incontinuous composite beams where longitudinal reinforcing steel in the negative
moment regions is considered to act compositely with the steel beam, the total hori-
zontal shear force between the point of maximum negative moment and the point of
zero moment shall be taken as the smaller of A,F}, and 2Q,;

where

A, = area of adequately developed longitudinal reinforcing steel within the
effective width of the concrete slab, in.” (mm?)
F,. = minimum specified yield stress of the reinforcing steel, ksi (MPa)

Strength of Stud Shear Connectors

The nominal strength of one stud shear connector embedded in a solid concrete slab
is

Qn = O'SAJC f;’Ec S AmE/ (15-1)
where

A, = cross-sectional area of stud shear connector, in.> (mm?)
F,, = specified minimum tensile strength of a stud shear connector, ksi (MPa)
E. =modulus of elasticity of concrete, ksi (MPa)

For a stud shear connector embedded in a slab on a formed steel deck, refer to Sec-
tion I3 for reduction factors given by Equations 13-1 and I3-2 as applicable. The
reduction factors apply only to the 054, +/ f- . term in Equation I5-1.

Strength of Channel Shear Connectors

The nominal strength of one channel shear connector embedded in a solid concrete
slab is

0, =0.3(t,+0.5t,)L [ E, (15-2)
where

tr = flange thickness of channel shear connector, in. (mm)
t, = web thickness of channel shear connector, in. (mm)
L, =length of channel shear connector, in. (mm)

Required Number of Shear Connectors

The number of shear connectors required between the section of maximum bending
moment, positive or negative, and the adjacent section of zero moment shall be
equal to the horizontal shear force as determined in Section I5.2 divided by the
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nominal strength of one shear connector as determined from SectionI5.3 or Section
I5.4.

Shear Connector Placement and Spacing

Shear connectors required on each side of the point of maximum bending moment,
positive or negative, shall be distributed uniformly between that point and the adja-
cent points of zero moment, unless otherwise specified. However, the number of
shear connectors placed between any concentrated load and the nearest point of
zero moment shall be sufficient to develop the maximum moment required at the
concentrated load point.

Shear connectors shall have at least one in. (25 mm) of lateral concrete cover,
except for connectors installed in the ribs of formed steel decks. The diameter of
studs shall not be greater than 2.5 times the thickness of the flange to which they are
welded, unless located over the web. The minimum center-to-center spacing of stud
connectors shall be six diameters along the longitudinal axis of the supporting com-
posite beam and four diameters transverse to the longitudinal axis of the supporting
composite beam, except that within the ribs of formed steel decks oriented perpen-
dicular to the steel beam the minimum center-to-center spacing shall be four diame-
ters in any direction. The maximum center-to-center spacing of shear connectors
shall not exceed eight times the total slab thickness. Also see Section 13.5b.

SPECIAL CASES

When composite construction does not conform to the requirements of Section I1
through Section I3, the strength of shear connectors and details of construction
shall be established by a suitable test program.
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CHAPTER J

CONNECTIONS, JOINTS, AND FASTENERS

This chapter applies to connecting elements, connectors, and the affected elements of the
connected members subject to static loads. For connections subject to fatigue, see Appen-

dix K3.
J1. GENERAL PROVISIONS
1.  Design Basis

Connections consist of affected elements of connected members (e.g., beam webs),
connecting elements (e.g., gussets, angles, brackets), and connectors (e.g., welds,
bolts, rivets). These components shall be proportioned so that their design strength
equals or exceeds the required strength determined by structural analysis for
factored loads acting on the structure or a specified proportion of the strength of the
connected members, whichever is appropriate.

Simple Connections

Connections of beams, girders, or trusses shall be designed as flexible and are
permitted to be proportioned for the reaction shears only, except as otherwise indi-
cated in the design documents. Flexible beam connections shall accommodate end
rotations of unrestrained (simple) beams. To accomplish this, some inelastic but
self-limiting deformation in the connection is permitted.

Moment Connections

End connections of restrained beams, girders, and trusses shall be designed for the
combined effect of forces resulting from moment and shear induced by the rigidity
of the connections.

Compression Members with Bearing Joints

When columns bear onbearing plates or are finished to bear at splices, there shall be
sufficient connectors to hold all parts securely in place.

When compression members other than columns are finished to bear, the splice
material and its connectors shall be arranged to hold all parts in line and shall be
proportioned for 50 percent of the required strength of the member.

All compression joints shall be proportioned to resist any tension developed by the
factored load combinations stipulated in Section A4.

Splices in Heavy Sections

This paragraph applies to ASTM A6/A6M Group 4 and 5 rolled shapes, or shapes
built-up by welding plates more than two in. (50 mm) thick together to form the
cross section, and where the cross section is to be spliced and subject to primary
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tensile stresses due to tension or flexure. When the individual elements of the cross
section are spliced prior to being joined to form the cross section in accordance with
AWSDI1.1, Article 5.21.6, the applicable provisions of AWS D1.1 apply in lieu of
the requirements of this section. When tensile forces in these sections are to be
transmitted through splices by complete-joint-penetration groove welds, material
notch-toughness requirements as given in Section A3.1c, weld access hole details
as givenin Section J1.6, welding preheat requirements as givenin Section J2.8, and
thermal-cut surface preparation and inspection requirements as given in Section
M2.2 apply.

At tension splices in ASTM A6/A6M Group 4 and 5 shapes and built-up members
of material more than two in. (50 mm) thick, weld tabs and backing shall be
removed and the surfaces ground smooth.

When splicing ASTM A6/A6M Group 4 and 5 rolled shapes or shapes built-up by
welding plates more than two in. (50 mm) thick to form a cross section, and where
the section is to be used as a primary compression member, all weld access holes
required to facilitate groove welding operations shall satisfy the provisions of Sec-
tion J1.6.

Alternatively, splicing of such members subject to compression, including mem-
bers which are subject to tension due to wind or seismic loads, shall be accom-
plished using splice details which do not induce large weld shrinkage strains; for
example partial-joint-penetration flange groove welds with fillet-welded surface
lap plate splices on the web, bolted lap plate splices, or combination bolted/fil-
let-welded lap plate splices.

Beam Copes and Weld Access Holes

All weld access holes required to facilitate welding operations shall have a length
from the toe of the weld preparation not less than 1} times the thickness of the
material in which the hole is made. The height of the access hole shall be adequate
for deposition of sound weld metal in the adjacent plates and provide clearance for
weld tabs for the weld in the material in which the hole is made, but not less than the
thickness of the material. In hot-rolled shapes and built-up shapes, all beam copes
and weld access holes shall be shaped free of notches and sharp re-entrant corners,
except that when fillet web-to-flange welds are used in built-up shapes, access
holes are permitted to terminate perpendicular to the flange.

For ASTM A6/A6M Group 4 and 5 shapes and built-up shapes of material more
than two in. (50 mm) thick, the thermally cut surfaces of beam copes and weld
access holes shall be ground to bright metal and inspected by either magnetic parti-
cle or dye penetrant methods prior to deposition of splice welds. If the curved tran-
sition portion of weld access holes and beam copes are formed by predrilled or
sawed holes, that portion of the access hole or cope need not be ground. Weld access
holes and beam copes in other shapes need not be ground nor inspected by dye
penetrant or magnetic particle methods.

Minimum Strength of Connections

Connections providing design strength shall be designed to support a factored load
not less than 10 kips (44 kN), except for lacing, sag rods, or girts.
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8.

10.

11.

Placement of Welds and Bolts

Groups of welds or bolts at the ends of any member which transmit axial force into
that member shall be sized so that the center of gravity of the group coincides with
the center of gravity of the member, unless provision is made for the eccentricity.
The foregoing provision is not applicable to end connections of statically-loaded
single angle, double angle, and similar members.

Bolts in Combination with Welds

In new work, A307 bolts or high-strength bolts proportioned as bearing-type
connections shall not be considered as sharing the load in combination with welds.
Welds, if used, shall be proportioned for the entire force in the connection. In
slip-critical connections, high-strength bolts are permitted to be considered as shar-
ing the load with the welds. These calculations shall be made at factored loads.

In making welded alterations to structures, existing rivets and high-strength bolts
tightened to the requirements for slip-critical connections are permitted to be
utilized for carrying loads present at the time of alteration and the welding need
only provide the additional design strength required.

High-Strength Bolts in Combination with Rivets

Inboth new work and alterations, in connections designed as slip-critical connec-
tions in accordance with the provisions of Section J3, high-strength bolts are
permitted to be considered as sharing the load with rivets.

Limitations on Bolted and Welded Connections

Fully pretensioned high-strength bolts (see Table J3.1 or J3.1M) or welds shall be
used for the following connections:

Column splices in all tier structures 200 ft (60 m) or more in height.

Column splices in tier structures 100 (30 m) to 200 ft (60 m) in height, if the least
horizontal dimension is less than 40 percent of the height.

Column splices intier structures less than 100 ft (30 m) in height, if the least hori-
zontal dimension is less than 25 percent of the height.

Connections of all beams and girders to columns and of any other beams and
girders on which the bracing of columns is dependent, in structures over 125 ft
(38 m) in height.

In all structures carrying cranes of over five-ton (50 kN) capacity: roof-truss
splices and connections of trusses to columns, column splices, column brac-
ing, knee braces, and crane supports.

Connections for supports of running machinery, or of other live loads which
produce impact or reversal of stress.

Any other connections stipulated on the design drawings.

In all other cases connections are permitted to be made with A307 bolts or
snug-tight high-strength bolts.

For the purpose of this section, the height of a tier structure shall be taken as the
vertical distance from the curb level to the highest point of the roof beams in the
case of flat roofs, or to the mean height of the gable in the case of roofs having a
slope of more than 25 percent. Where the curb level has not been established, or
where the structure does not adjoin a street, the mean level of the adjoining land
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shall be used instead of curb level. It is permissible to exclude penthouses in com-
puting the height of the structure.

WELDS

All provisions of AWS D1.1, apply under this specification, except the provisions
applicable to Tubular Structures, which are outside the scope of this specification,
and except that the provisions of the listed AISC LRFD Specification Sections
apply under this Specification in licu of the cited AWS Code provisions as follows:

AISC Specification Section J1.5 and J1.6 in licu of AWS D1.1 Section 5.17

AISC Specification Section J2.2 in licu of AWS D1.1 Section 2.4.1.1

AISC Specification Table J2.5 in licu of AWS D1.1 Table 2.3

AISC Specification Table A-K3.1 in licu of AWS D1.1 Section 2.27.1

AISC Specification Section K3 and Appendix K3 in lieu of AWS Section 2,
Part C

AISC Specification Section M2.2 inlieu of AWS Sections 5.15.1.2,5.15.4.3 and
51544

The length and disposition of welds, including end returns shall be indicated on the
design and shop drawings.

Groove Welds
Effective Area

The effective area of groove welds shall be considered as the effective length of the
welds times the effective throat thickness.

The effective length of a groove weld shall be the width of the part joined.

The effective throat thickness of a complete-joint-penetration groove weld shall be
the thickness of the thinner part joined.

The effective throat thickness of a partial-joint-penctration groove weld shall be as
shown in Table J2.1.

The effective throat thickness of a flare groove weld when flush to the surface of a
bar or 90° bend in formed section shall be as shown in Table J2.2. Random sections
of production welds for each welding procedure, or such test sections as may be
required by design documents, shall be used to verify that the effective throat is
consistently obtained.

Larger effective throat thicknesses than those in Table J2.2 are permitted, provided
the fabricator can establish by qualification the consistent production of such larger
effective throat thicknesses. Qualification shall consist of sectioning the weld
normal to its axis, at mid-length and terminal ends. Such sectioning shall be made
onanumber of combinations of material sizes representative of the range to be used
in the fabrication or as required by the designer.

Limitations

The minimum effective throat thickness of a partial-joint-penetration groove weld
shall be as shown in Table J2.3. Weld size is determined by the thicker of the two
parts joined, except that the weld size need not exceed the thickness of the thinnest
part joined, even when a larger size is required by calculated strength. For this
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TABLE J2.1

Effective Throat Thickness of

Partial-Joint-Penetration Groove Welds

Welding Process

Welding Position

Included Angle at
Root of Groove

Effective Throat
Thickness

Shielded metal arc
Submerged arc

Jor U joint

Depth of chamfer

All
Gas metal arc Bevel or V joint > 60°
Flux-cored arc Bevel or V joint < 60° Depth of chamfer
but > 45° Minus Jg-in. (3 mm)

Effective Throat Thickness of Flare Groove Welds

Type of Weld Radius (R) of Bar or Bend Effective Throat Thickness
Flare bevel groove All %R
Flare V-groove Al [ 2RI

[a] Use 3R for Gas Metal Arc Welding (except short circuiting transfer process) when R > 1 in. (25 mm)

TABLE J2.3

Minimum Effective Throat Thickness of
Partial-Joint-Penetration Groove Welds

Material Thickness of
Thicker Part Joined, in. (mm)

Minimum Effective
Throat Thickness [a], in. (mm)

To %4 (6) inclusive
Over } (6) to }5 (13)
Over } (13) to ¥ (19)
Over % (19) to 1} (38)
Over 1} (38) to 24 (57)
Over 2Y; (57) to 6 (150)
Over 6 (150)

% (3)

[a] See Table J2.1

exception, particular care shall be taken to provide sufficient preheat for soundness

of the weld.
2. Fillet Welds

2a. Effective Area

The effective area of fillet welds shall be as defined in AWS D1.1 Section 2.4.3 and
2.11. The effective throat thickness of a fillet weld shall be the shortest distance
from the root of the joint to the face of the diagrammatic weld, except that for fillet
welds made by the submerged arc process, the effective throat thickness shall be
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Minimum Size of Fillet Welds
Material Thickness of Minimum Size of
Thicker Part Joined, in. (mm) Fillet Weld[a] in. (mm)
To % (6) inclusive 1% (3)
Over % (6) to % (13) s (5)
Over % (13) to % (19) 11(6)
Over % (19) %5 (8)
[a] Leg dimension of fillet welds. Single pass welds must be used.
[b] See Section J2.2b for maximum size of fillet welds.

2b.

taken equal to the leg size for ¥%-in. (10 mm) and smaller fillet welds, and equal to
the theoretical throat plus 0.11-in. (3 mm) for fillet welds over ¥%-in.(10 mm).

For fillet welds in holes and slots, the effective length shall be the length of the
centerline of the weld along the center of the plane through the throat. In the case of
overlapping fillets, the effective area shall not exceed the nominal cross-sectional
arca of the hole or slot, in the plane of the faying surface.

Limitations

The minimum size of fillet welds shall be not less than the size required to transmit
calculated forces nor the size as shown in Table J2.4 which is based upon experi-
ences and provides some margin for uncalculated stress encountered during fabri-
cation, handling, transportation, and erection. These provisions do not apply to
fillet weld reinforcements of partial- or complete-joint-penctration welds.

The maximum size of fillet welds of connected parts shall be:

(a) Along edges of material less than ¥;-in. (6 mm) thick, not greater than the thick-
ness of the material.

(b) Alongedges of material ¥;-in. (6 mm) or more in thickness, not greater than the
thickness of the material minus 4-in. (2 mm), unless the weld is especially
designated on the drawings to be built out to obtain full-throat thickness. In the
as-welded condition, the distance between the edge of the base metal and the
toe of the weld is permitted to be less than Y{s-in. (2 mm) provided the weld size
is clearly verifiable.

For flange-web welds and similar connections, the actual weld size need not be
larger than that required to develop the web capacity, and the requirements of Table
J2.4 need not apply.

The minimum effective length of fillet welds designed on the basis of strength shall
be not less than four times the nominal size, or else the size of the weld shall be
considered not to exceed Y of its effective length. If longitudinal fillet welds are
used alone in end connections of flat-bar tension members, the length of each fillet
weld shall be not less than the perpendicular distance between them. For the effect
of longitudinal fillet weld length in end connections upon the effective area of the
connected member, sece Section B3.

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



Sect. J2.] WELDS

w
W

Forend-loaded fillet welds with a length up to 100 times the leg dimension, it is per-
mitted to take the effective length equal to the actual length. When the length of the
end-loaded fillet weld exceeds 100 times the weld size, the effective length shall be
determined by multiplying the actual length by the reduction factor, B,

where

B=12-0002(Lw)<1.0 J2-1)
L = actual length of end-loaded weld, in. (mm)
w = weld leg size, in. (mm)

When the length of the weld exceeds 300 times the leg size, the value of B shall be
taken as 0.60.

Intermittent fillet welds may be used to transfer calculated stress across a joint or
faying surfaces when the strength required is less than that developed by a continu-
ous fillet weld of the smallest permitted size, and to join components of built-up
members. The effective length of any segment of intermittent fillet welding shall be
not less than four times the weld size, with a minimum of 1% -in. (38 mm).

In lap joints, the minimum amount of lap shall be five times the thickness of the
thinner part joined, but not less than one in. (25 mm). Lap joints joining plates or
bars subjected to axial stress that utilize transverse fillet welds only shall be fillet
welded along the end of both lapped parts, except where the deflection of the lapped
parts is sufficiently restrained to prevent opening of the joint under maximum
loading.

Fillet weld terminations are permitted to extend to the ends or sides of parts or be
stopped short or boxed except as limited by the following:

(1) For lap joints in which one part extends beyond an edge subject to calculated
tensile stress, fillet welds shall terminate not less than the size of the weld from
that edge.

(2) For connections and structural elements with cyclic forces, normal to
outstanding legs, of frequency and magnitude that would tend to cause a
progressive fatigue failure initiating from a point of maximum stress at the end
of the weld, fillet welds shall be returned around the corner for a distance not
less than the smaller of two times the weld size or the width of the part.

(3) For connections whose design requires flexibility of the outstanding legs, if
end returns are used, their length shall not exceed four times the nominal size
of the weld.

(4) Fillet welds joining transverse stiffeners to plate girder webs shall end not less
than four times nor more than six times the thickness of the web from the web
toe of the web-to-flange welds, except where the ends of stiffeners are welded
to the flange.

(5) Fillet welds, which occur on opposite sides of a common plane, shall be inter-
rupted at the corner common to both welds.

Filletwelds in holes or slots may be used to transmit shear in lap joints or to prevent
the buckling or separation of lapped parts and to join components of built-up
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members. Such fillet welds may overlap, subject to the provisions of Section J2.
Fillet welds in holes or slots are not to be considered plug or slot welds.

Plug and Slot Welds

Effective Area

The effective shearing area of plug and slot welds shall be considered as the nomi-
nal cross-sectional area of the hole or slot in the plane of the faying surface.

Limitations

Plug or slot welds are permitted to be used to transmit shear in lap joints or to
prevent buckling of lapped parts and to join component parts of built-up members.

The diameter of the holes for a plug weld shall not be less than the thickness of the
part containing it plus ¥{s-in. (8 mm), rounded to the next larger odd !{s-in. (even
mm), nor greater than the minimum diameter plus %-in.(3 mm) or 2} times the
thickness of the weld.

The minimum center-to-center spacing of plug welds shall be four times the
diameter of the hole.

The length of slot for a slot weld shall not exceed 10 times the thickness of the weld.
The width of the slot shall be not less than the thickness of the part containing it plus
{s-in. (8 mm) rounded to the next larger odd }{-in. (even mm), nor shall it be larger
than 2% times the thickness of the weld. The ends of the slot shall be semicircular or
shall have the corners rounded to a radius of not less than the thickness of the part
containing it, except those ends which extend to the edge of the part.

The minimum spacing of lines of slot welds in a direction transverse to their length
shall be four times the width of the slot. The minimum center-to-center spacing in a
longitudinal direction on any line shall be two times the length of the slot.

The thickness of plug or slot welds in material %-in. (16 mm) or less in thickness
shall be equal to the thickness of the material. In material over ¥%-in. (16 mm) thick,
the thickness of the weld shall be at least one-half the thickness of the material but
not less than %-in. (16 mm).

Design Strength

The design strength of welds shall be the lower value of (a) dF s Apsand (b) OF, A4,
when applicable. The values of ¢, Fi,, and F), and limitations thereon are given in
Table J2.5,

where

Fpr = nominal strength of the base material, ksi (MPa)

F,, =nominal strength of the weld electrode, ksi (MPa)
Apy = cross-sectional area of the base material, in.> (mm?)
A, = effective cross-sectional area of the weld, in.” (mm?)
¢ = resistance factor

Alternatively, fillet welds loaded in-plane are permitted to be designed in accor-
dance with Appendix J2 4.
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TABLE J2.5
Design Strength of Welds

Types of Weld and
Stress [a]

Material

Resistance
Factor o

Nominal
Strength
Fgyor F,

Filler Metal
Requirements [b, c]

Complete-Joint-Penetration Groove Weld

Tension normal to Base 0.90 Fy Matching filler metal shall be
effective area used. For CVN requirements
see footnote [d].

Compression normal Base 0.90 Fy Filler metal with a strength
to effective area level equal to or less than

- matching filler metal is per-
T_enS|on or compres- mitted to be used.
sion parallel to axis
of weld
Shear on effective Base 0.90 0.60F,
area Weld 0.80 0.60F gxx

Partial-Joint-Penetration Groove Weld

effective area)

Compression nor- Base 0.90 Fy Filler metal with a strength
mal to effective area level equal to or less than

- matching filler metal is permit-
Tension or compres- ted to be used
sion parallel to axis of '
weld [e]
Shear parallel to Base [fl [fl
axis of weld Weld 0.75 0.60Fxx
Tension normal to Base 0.90 Fy
effective area Weld 0.80 0.60Fexx

Fillet Welds
Shear on effective Base [fl [fl Filler metal with a strength
area Weld 0.75 0.60Fcxx[g]| level equalto or less than
Tension or compres- Base 0.90 Fy trgzttcohgeg S!:g metal is permit-
sion parallel to axis '
of weld [e]
Plug or Slot Welds

Shear parallel to Base [f] [f] Filler metal with a strength
faying surfaces (on Weld 0.75 0.60Fcxx | level equal to or less than

matching filler metal is permit-
ted to be used.

[a] For definition of effective area, see Section J2.
[b] For matching filler metal, see Table 3.1, AWS D1.1.
[c] Filler metal one strength level stronger than matching filler metal is permitted.
[d] For T and corner joints with the backing bar left in place during service, filler metal with
a classification requiring a minimum Charpy V-notch (CVN) toughness of 20 ft-lbs. (27
J) @ +40°F (4°C) shall be used. If filler metal without the required toughness is used and
the backing bar is left in place, the joint shall be sized using the resistance factor and
nominal strength for a partial-joint-penetration weld.
[e] Fillet welds and partial-joint-penetration groove welds joining component elements of built-
up members, such as flange-to-web connections, are not required to be designed with
regard to the tensile or compressive stress in these elements parallel to the axis of the welds.
[f] The design of connected material is governed by Sections J4 and J5.
[g] For alternative design strength, see Appendix J2.4.
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Combination of Welds

If two or more of the general types of welds (groove, fillet, plug, slot) are combined
inasingle joint, the design strength of each shall be separately computed with refer-
ence to the axis of the group in order to determine the design strength of the
combination.

Weld Metal Requirements

The choice of electrode for use with complete-joint-penetration groove welds sub-
ject to tension normal to the effective area shall comply with the requirements for
matching weld metals given in AWS D1.1.

Weld metal with a specified Charpy V-notch (CVN) toughness of 20 ft-Ibs (27 J) at
40°F (4°C) shall be used in the following joints:

(a) Complete-joint-penctration groove welded T and corner joints with steel back-
ing left in place, subject to tension normal to the effective area, unless the joints
are designed as noted in Table J2.5 (see footnote d).

(b) Complete-joint-penctration groove welded splices subject to tension normal to
the effective area in Group 4 and Group 5 shapes and shapes built up by weld-
ing plates more than two in. (50 mm) thick.

The manufacturer’s Certificate of Conformance shall be sufficient evidence of
compliance.

Mixed Weld Metal

When notch-toughness is specified, the process consumables for all weld metal,
tack welds, root pass, and subsequent passes deposited in a joint shall be compatible
to assure notch-tough composite weld metal.

Preheat for Heavy Shapes

For ASTM A6/A6M Group 4 and 5 shapes and welded built-up members made of
plates more than two in. (50 mm) thick, a preheat equal to or greater than 350°F
(175°C) shall be used when making groove-weld splices.

BOLTS AND THREADED PARTS
High-Strength Bolts

Use of high-strength bolts shall conform to the provisions of the Load and Resis-
tance Factor Design Specification for Structural Joints Using ASTM A325 or A490
Bolts, as approved by the Research Council on Structural Connections, except as
otherwise provided in this Specification.

If required to be tightened to more than 50 percent of their specified minimum ten-
sile strength, A449 bolts in tension and bearing-type shear connections shall have
an ASTM F436 hardened washer installed under the bolt head, and the nuts shall
meet the requirements of ASTM A563. When assembled, all joint surfaces, includ-
ing those adjacent to the washers, shall be free of scale, except tight mill scale. All
A325 or A325M and A490 or A490M bolts shall be tightened to a bolt tension not
less than that given in Table J3.1 or J3.1M, except as noted below. Tightening shall
be done by any of the following methods: turn-of-nut method, a direct tension indi-
cator, calibrated wrench, or alternative design bolt.

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



Sect. J3.] BOLTS AND THREADED PARTS 59

Bolts need only be tightened to the snug-tight condition when in: (a) bearing-type
connections where slip is permitted, or (b) tension or combined shear and tension
applications, for ASTM A325 or A325M bolts only, where loosening or fatigue due
to vibration or load fluctuations are not design considerations. The snug-tight con-
dition is defined as the tightness attained by either a few impacts of an impact
wrench or the full effort of a worker with an ordinary spud wrench that brings the
connected plies into firm contact. The nominal strength value given in Table J3.2
and Table J3.5 shall be used for bolts tightened to the snug-tight condition. Bolts
tightened only to the snug-tight condition shall be clearly identified on the design
and erection drawings.

When A490 or A490M bolts over one in. (25 mm) in diameter are used in slotted or
oversize holes in external plies, a single hardened washer conforming to ASTM
F436, except with ¥;-in. (8 mm) minimum thickness, shall be used in licu of the
standard washer.

In slip-critical connections in which the direction of loading is toward an edge of a
connected part, adequate design bearing strength shall be provided based upon the
applicable requirements of Section J3.10.

2. Size and Use of Holes

The maximum sizes of holes for rivets and bolts are given in Table J3.3 or J3.3M,
except that larger holes, required for tolerance on location of anchor rods in con-
crete foundations, are allowed in column base details.

Standard holes shall be provided in member-to-member connections, unless over-
sized, short-slotted, or long-slotted holes in bolted connections are approved by the
designer. Finger shims up to ¥-in. (6 mm) are permitted in slip-critical connections
designed onthe basis of standard holes without reducing the nominal shear strength
of the fastener to that specified for slotted holes.

Oversized holes are allowed in any or all plies of slip-critical connections, but they
shall not be used in bearing-type connections. Hardened washers shall be installed
over oversized holes in an outer ply.

Short-slotted holes are allowed in any or all plies of slip-critical or bearing-type
connections. The slots are permitted to be used without regard to direction of load-
ing in slip-critical connections, but the length shall be normal to the direction of the
load in bearing-type connections. Washers shall be installed over short-slotted
holes in an outer ply; when high-strength bolts are used, such washers shall be
hardened.

Long-slotted holes are allowed in only one of the connected parts of either a
slip-critical or bearing-type connection at an individual faying surface. Long-slotted
holes are permitted to be used without regard to direction of loading in slip-critical
connections, but shall be normal to the direction of load in bearing-type connec-
tions. Where long-slotted holes are used in an outer ply, plate washers, or a continu-
ous bar with standard holes, having a size sufficient to completely cover the slot
after installation, shall be provided. In high-strength bolted connections, such plate
washers or continuous bars shall be not less than */16-in. (8 mm) thick and shall be of
structural grade material, but need not be hardened. If hardened washers are
required for use of high-strength bolts, the hardened washers shall be placed over
the outer surface of the plate washer or bar.
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Minimum Bolt Pretension, kips*
Bolt Size, in. A325 Bolts A490 Bolts

Y 12 15

% 19 24

% 28 35

7 39 49

1 51 64
1% 56 80

1% 71 102
13 85 121
1% 103 148

*Equal to 0.70 of minimum tensile strength of bolts, rounded off to nearest kip, as specified in
ASTM specifications for A325 and A490 bolts with UNC threads.

TABLE J3.1M
Minimum Bolt Pretension, kN*

Bolt Size, mm A325M Bolts A490M Bolts
M16 91 114
M20 142 179
M22 176 221
M24 205 257
M27 267 334
M30 326 408
M36 475 595

*Equal to 0.70 of minimum tensile strength of bolts, rounded off to nearest kN, as specified in
ASTM specifications for A325M and A490M bolts with UNC threads.

Minimum Spacing

The distance between centers of standard, oversized, or slotted holes, shall not be
less than 2% times the nominal diameter of the fastener; a distance of 3d is pre-
ferred. Refer to Section J3.10 for bearing strength requirements.

Minimum Edge Distance

The distance from the center of a standard hole to an edge of a connected part shall
not be less than either the applicable value from Table J3.4 or J3.4M, or as required
in Section J3.10. The distance from the center of an oversized or slotted hole to an
edge of a connected part shall be not less than that required for a standard hole to an
edge of a connected part plus the applicable increment C, from Table J3.6 or J3.6M.
Refer to Section J3.10 for bearing strength requirements.

Maximum Spacing and Edge Distance

The maximum distance from the center of any bolt or rivet to the nearest edge of
parts in contact shall be 12 times the thickness of the connected part under consider-
ation, but shall not exceed six in. (150 mm). The longitudinal spacing of connectors
between elements in continuous contact consisting of a plate and a shape or two
plates shall be as follows:
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TABLE J3.2
Design Strength of Fasteners
Shear Strength in

Tensile Strength Bearing-type Connections

Nominal Nominal

Resistance| Strength, Resistance Strength,

Description of Fasteners Factor o ksi (MPa) Factor ¢ ksi (MPa)
A307 bolts 45 (310) [a] 24 (165) [b,e]

A325 or A325M bolts, when
threads are not excluded from
shear planes 90 (620) [d] 48 (330) [e]

A325 or A325M bolts, when
threads are excluded from shear
planes 90 (620) [d] 60 (414) [e]

A490 or A490M bolts, when
threads are not excluded from

shear planes 113 (780) [d] 60 (414) [e]
A490 or A490M bolts, when

threads are excluded from shear 075 075

planes 113 (780) [d] 75 (520) [e]

Threaded parts meeting the re-
quirements of Section A3, when
threads are not excluded from

shear planes 0.75F,[a,c] 0.40F,

Threaded parts meeting the re-
quirements of Section A3, when
threads are excluded from shear

planes 0.75F,[a,c] 0.50F,[a,c]
A502, Gr. 1, hot-driven Rivets 45 (310) [a] 25 (172) [e]
A502, Gr. 2 & 3, hot-driven Rivets 60 (414) [a] 33 (228) [e]

[a] Static loading only.

[b] Threads permitted in shear planes.

[c] The nominal tensile strength of the threaded portion of an upset rod, based upon the cross-sectional
area at its major thread diameter, Ap shall be larger than the nominal body area of the rod before
upsetting times F,.

[d] For A325 or A325M and A490 or A490M bolts subject to tensile fatigue loading, see Appendix K3.

[e] When bearing-type connections used to splice tension members have a fastener pattern whose
length, measured parallel to the line of force, exceeds 50 in. (1 270 mm), tabulated values shall be
reduced by 20 percent.

(a) Forpainted members or unpainted members not subject to corrosion, the spac-
ing shall not exceed 24 times the thickness of the thinner plate or 12 in. (305
mm).

(b) Forunpainted members of weathering steel subject to atmospheric corrosion,
the spacing shall not exceed 14 times the thickness of the thinner plate or
seven-in. (180 mm).
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Nominal Hole Dimensions, in.
Hole Dimensions
Bolt Standard Oversize Short-slot Long-slot
Diameter (Dia.) (Dia.) (Width x Length) (Width x Length)
] %6 % %6 X5 Usx 1%
% s %6 Mex % e X 1%6
% %5 %46 1346 x 1 e x 174
% 13 1Xe e x 1% %46 X 2%5
1 14s 1 146 < 1345 1 e < 2)4
1% d+Ys d+ e (d+Ye) x (d+ %) (d+Me) x (2.5 x d)
Nominal Hole Dimensions, mm
Hole Dimensions
Bolt Standard Oversize Short-slot Long-slot
Diameter (Dia.) (Dia.) (Width x Length) (Width x Length)
M16 18 20 18 x 22 18 x 40
M20 22 24 22 x26 22 x50
M22 24 28 24 x 30 24 x 55
M24 27 [a] 30 27 x 32 27 x 60
M27 30 35 30x37 30 x67
M30 33 38 33 x40 33x75
>M36 d+3 d+8 (d+3)x(d+10) (d+3)x25d

[a] Clearance provided allows the use of a 1 in. bolt if desirable.

6.  Design Tension or Shear Strength
The design tension or shear strength of a high-strength bolt or threaded part is

q)FnAba

where

¢ = resistance factor tabulated in Table J3.2
F,=nominal tensile strength 7, or shear strength, ', tabulated in Table J3.2, ksi

(MPa)

A= nominal unthreaded body area of bolt or threaded part (for upset rods, see

Footnote c, Table J3.2), in.? (mm?)

The applied load shall be the sum of the factored loads and any tension resulting
from prying action produced by deformation of the connected parts.
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TABLE J3.4

Minimum Edge Distance,® in., From
Center of Standard Hole® to Edge of Connected Part

Nominal Rivet or
Bolt Diameter (in.)

At Sheared Edges

At Rolled Edges of Plates,
Shapes or Bars, or
Gas Cut Edges [c]

J
%
%
s
1
%
™
Over 11,

i

%
™
1% 1d]
41d]
2

2l

134 x Diameter

%
Y
1
%
™
7!
1%

1%, x Diameter

as appropriate, are satisfied.

[b] For oversized or slotted holes, see Table J3.6.

[c] All edge distances in this column are permitted to be reduced }-in. when the hole is at a point
where stress does not exceed 25 percent of the maximum design strength in the element.

[d] These are permitted to be 1};-in. at the ends of beam connection angles and shear end plates.

[a] Lesser edge distances are permitted to be used provided Equations from Section J3.10,

TABLE J3.4M

Minimum Edge Distance,” mm, From
Center of Standard Hole® to Edge of Connected Part

Nominal Rivet or
Bolt Diameter (mm)

At Sheared Edges

At Rolled Edges of Plates,
Shapes or Bars, or
Gas Cut Edges [c]

Over 36

28
34
38[d]
42[d]

appropriate, are satisfied.

[b] For oversized or slotted holes, see Table J3.6M.

[c] All edge distances in this column are permitted to be reduced 3 mm when the hole is at a point
where stress does not exceed 25 percent of the maximum design strength in the element.

[d] These are permitted to be 32 mm at the ends of beam connection angles and shear end plates.

[a] Lesser edge distances are permitted to be used provided Equations from Section J3.10, as

Combined Tension and Shear in Bearing-Type Connections

The design strength of a bolt or rivet subject to combined tension and shear is

0fAp,
where

¢ =0.75
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F,=nominal tension stress computed from the equations in Table J3.5 as a func-
tion of f,, the required shear stress produced by the factored loads. Alter-
nately, the use of the equations in Table A-J3.1 in Appendix J is permitted.
The design shear strength ¢, tabulated in Table J3.2, shall equal or exceed
the shear stress, f,.

8.  High-Strength Bolts in Slip-Critical Connections

The design for shear of high-strength bolts in slip-critical connections shall be in
accordance with either Section J3.8a or J3.8b and checked for shear in accordance
with Sections J3.6 and J3.7 and bearing in accordance with Sections J3.1 and J3.10.

8a. Slip-Critical Connections Designed at Factored Loads

The design slip resistance perbolt, ¢r,,, shall equal or exceed the required force per
bolt due to factored loads,

where

rar =113 UTWN, J3-1)

7, = minimum fastener tension given in Table J3.1 or J3.1M, kips (kN)

N; =number of slip planes

1 =mean slip coefficient for Class A, B, or C surfaces, as applicable, or as
established by tests

(a) For Class A surfaces (unpainted clean mill scale steel surfaces or sur-
faces with Class A coatings on blast-cleaned steel),

=033

(b) For Class B surfaces (unpainted blast-cleaned steel surfaces or sur-
faces with Class B coatings on blast-cleaned steel),

p=0.50

(c) For Class C surfaces (hot-dip galvanized and roughened surfaces),
n=0.35

¢ = resistance factor

(a) For standard holes,
0=1.0

(b) For oversized and short-slotted holes,
0 =0.85

(c) For long-slotted holes transverse to the direction of load,
¢ =0.70

(d) For long-slotted holes parallel to the direction of load,
¢ =0.60

Finger shims up to Y-in. (6 mm) are permitted to be introduced into slip-critical
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TABLE J3.5

Nominal Tension Stress (F), ksi (MPa)
Fasteners in Bearing-type Connections

Description of Fasteners

Threads Included in
the Shear Plane

Threads Excluded from
the Shear Plane

A307 bolts

59 - 2.
407]- 2.

5f,<45
5f, < 310)

A325 bolts
A325M bolts

117 — 2.5f,<90
(807 — 2.5f,<621)

117 — 2.0£, <90
(807 — 2.0f, < 621)

A490 bolts
A490M bolts

147 — 2.5f,<113
(1010 — 2.5f,<779)

147 — 2.0f,< 113
(1010 — 2.0f, < 779)

Threaded parts A449 bolts
over 1% diameter

0.98F,— 2.5f,<0.75F,

0.98F,— 2.0f,<0.75F,

A502 Gr. 1 rivets

59 - 2.

4f,< 45

(407 — 2.4f, < 310)

A502 Gr. 2 rivets 78 — 2.4f,<60
(538 — 2.4f,< 414)
TABLE J3.6

Values of Edge Distance Increment C,, in.

Slotted Holes
Nominal Long Axis Perpendicular to Edge )
Diameter of Long Axis
Fastener (in.) | Oversized Holes Short Slots Long Slots [a] Parallel to Edge
<% Hs %
1 Ve Vs Yd 0
2 1% % Hs

[a] When length of slot is less than maximum allowable (see Table J3.5), C, are permitted to be
reduced by one-half the difference between the maximum and actual slot lengths.

TABLE J3.6M
Values of Edge Distance Increment C,, mm

Slotted Holes

Nominal Long Axis Perpendicular to Edge )
Diameter of Long Axis
Fastener (mm) | Oversized Holes Short Slots Long Slots [a] | Parallel to Edge
<22 2 3
24 3 3 0.75d 0
>27 3 5

reduced by one-half the difference between the maximum and actual slot lengths.

[a] When length of slot is less than maximum allowable (see Table J3.5), C, are permitted to be
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8b.

9a.

9b.

10.

BOLTS AND THREADED PARTS [Sect. J3.

connections designed on the basis of standard holes without reducing the design
shear stress of the fastener to that specified for slotted holes.

Slip-Critical Connections Designed at Service Loads
See Appendix J3.8b.
Combined Tension and Shear in Slip-Critical Connections

The design of slip-critical connections subject to tensile forces shall be in accor-
dance with either Sections J3.9a and J3.8a or Sections J3.9b and J3.8b.

Slip-Critical Connections Designed at Factored Loads

Whena slip-critical connection is subjected to an applied tension 7, that reduces the
net clamping force, the slip resistance ¢r, according to Section J3.8a, shall be mul-
tiplied by the following factor:

T,

u

1 — %
(L137,N,)
where

T,= minimum bolt pre-tension from Table J3.1or J3.1M, kips (kN)
N,= number of bolts carrying factored-load tension 7,

Slip-Critical Connections Designed at Service Loads
See Appendix J3.9b.
Bearing Strength at Bolt Holes

Bearing strength shall be checked for both bearing-type and slip-critical connec-
tions. The use of oversized holes and short- and long-slotted holes parallel to the
line of force is restricted to slip-critical connections per Section J3.2.

The design bearing strength at bolt holes is ¢R,,
where

¢ =075
and R, is determined as follows:

(a) Foraboltina connection with standard, oversized, and short-slotted holes in-
dependent of the direction of loading, or a long-slotted hole with the slot paral-
lel to the direction of the bearing force:

when deformation at the bolt hole at service load is a design consideration:
R=1210,1F, <2 4d1F, (J3-2a)

when deformation at the bolt hole at service load is not a design consideration:
R,= 1.5LtF,<3.0dIF, (J3-2b)

(b) Foraboltina connection with long-slotted holes with the slot perpendicular to
the direction of force:

R,=1.0LtF,<2.0dIF, (J3-2c)
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11.

J4.

In the foregoing,

R,= nominal bearing strength of the connected material, kips (N)

F,= specified minimum tensile strength of the connected material, ksi (MPa)

L. = clear distance, in the direction of the force, between the edge of the hole and
the edge of the adjacent hole or edge of the material, in. (mm)

d = nominal bolt diameter, in. (mm)

t = thickness of connected material, in. (mm)

For connections, the bearing resistance shall be taken as the sum of the bearing
resistances of the individual bolts.

Long Grips

A307 bolts providing design strength, and for which the grip exceeds five diame-
ters, shall have their number increased one percent for each additional Xg-in.
(2 mm) in the grip.

DESIGN RUPTURE STRENGTH

Shear Rupture Strength

The design strength for the limit state of rupture along a shear failure path in the
affected elements of connected members shall be taken as ¢R,

where
o =075
R, =06F,4,, J4-1)

A,, = net area subject to shear, in.> (mm?)
Tension Rupture Strength

The design strength for the limit state of rupture along a tension path in the affected
elements of connected members shall be taken as 0R,

where
o =0.75
Rn = Fu Anr (J4-2)

A4,, = net area subject to tension, in.? (mm?)
Block Shear Rupture Strength

Block shear is a limit state in which the resistance is determined by the sum of the
shear strength on a failure path(s) and the tensile strength on a perpendicular seg-
ment. It shall be checked atbeam end connections where the top flange is coped and
in similar situations, such as tension members and gusset plates. When ultimate
rupture strength on the net section is used to determine the resistance on one seg-
ment, yielding on the gross section shall be used on the perpendicular segment. The
block shear rupture design strength, $R,, shall be determined as follows:

(@) When F,A4,,20.6F,A4,,
q)R”: ¢[06FVAgV + FMAHY] S ¢[0~6Fu‘4nv + FuAm] (J4'3a)
(b) When EA:H < 06FMAm
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OR, = 0[0.6F, A, + F, Ay < 0[0.6F A, + F, A, (J4-3b)
where
o =075
A,, = gross area subject to shear, in.* (mm?)
A, = gross area subject to tension, in.* (mm?)

4,, = net area subject to shear, in.? (mm?)
A4,, = net area subject to tension, in.? (mm?)
CONNECTING ELEMENTS

This section applies to the design of connecting elements, such as plates, gussets,
angles, brackets, and the panel zones of beam-to-column connections.

Eccentric Connections

Intersecting axially stressed members shall have their gravity axis intersect at one
point, if practicable; if not, provision shall be made for bending and shearing
stresses due to the eccentricity. Also see Section J1.8.

Design Strength of Connecting Elements in Tension

The design strength, ¢R,, of welded, bolted, and riveted connecting elements stati-
cally loaded in tension (e.g., splice and gussct plates) shall be the lower value
obtained according to limit states of yielding, rupture of the connecting element,
and block shear rupture.

(a) For tension yielding of the connecting element:

¢ =0.90
R,=A4F, Js-1)
(b) For tension rupture of the connecting element:
6=0.75
R,=A,F, J5-2)

where 4, is the net area, not to exceed 0.854,.
(c) For block shear rupture of connecting elements, see Section J4.3.
Other Connecting Elements

For all other connecting elements, the design strength, ¢R,,, shall be determined for
the applicable limit state to ensure that the design strength is equal to or greater than
the required strength, where R, is the nominal strength appropriate to the geometry
and type of loading on the connecting element. For shear yielding of the connecting
clement:

$=0.90
R, = 0.604,F, (J5-3)

If the connecting element is in compression an appropriate limit state analysis shall
be made.
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Jo.

J7.

J8.

FILLERS

In welded construction, any filler ¥-in. (6 mm) or more in thickness shall extend
beyond the edges of the splice plate and shall be welded to the part on which it is fit-
ted with sufficient weld to transmit the splice plate load, applied at the surface of the
filler. The welds joining the splice plate to the filler shall be sufficient to transmit the
splice plate load and shall be long enough to avoid overloading the filler along the
toe of the weld. Any filler less than ¥4-in. (6 mm) thick shall have its edges made
flush with the edges of the splice plate and the weld size shall be the sum of the size
necessary to carry the splice plus the thickness of the filler plate.

When a bolt that carries load passes through fillers that are equal to or less than
Y;-in. (6 mm) thick, the design shear strength shall be used without reduction. When
abolt that carries load passes through fillers that are greater than ¥,-in. (6 mm) thick,
one of the following requirements shall apply:

(1) For fillers that are equal to or less than ¥-in. (19 mm) thick, the design shear
strength of the bolts shall be multiplied by the factor [1-0.4(¢- 0.25)] [Metric:
[1-0.0154(f - 6)]]. where ¢ is the total thickness of the fillers up to ¥;-in. (19
mm).

(2) The fillers shall be extended beyond the joint and the filler extension shall be
secured with enough bolts to uniformly distribute the total force in the con-
nected element over the combined cross-section of the connected element and
the fillers;

(3) The size of the joint shall be increased to accommodate a number of bolts that
is equivalent to the total number required in (2) above; or

(4) The joint shall be designed as a slip-critical joint.

SPLICES

Groove-welded splices in plate girders and beams shall develop the full strength of
the smaller spliced section. Other types of splices in cross sections of plate girders
and beams shall develop the strength required by the forces at the point of the splice.
BEARING STRENGTH

The strength of surfaces in bearing is 0R,,

where

¢ =075
R, is defined below for the various types of bearing

(a) For milled surfaces, pins in reamed, drilled, or bored holes, and ends of fitted
bearing stiffeners,

R,=18F, A4, J8-1)
where

F, = specified minimum yield stress, ksi (MPa)

A, = projected bearing area, in.” (mm?)

(b) For expansion rollers and rockers,
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If d <25 in. (635 mm),

R,=12(F,—13)id /20 (J8-2)
(Metric: R, = 1.2(F, —90)Id / 20) (J8-2M)
If d >25in. (635 mm),
R, =6.0(F, ~13)I\/d 120 (38-3)
(Metric: R, 30.2(F,—~ 90)/H /20) (J8-3M)

where

d = diameter, in. (mm)
[ =length of bearing, in. (mm)

COLUMN BASES AND BEARING ON CONCRETE

Proper provision shall be made to transfer the column loads and moments to the
footings and foundations.

In the absence of code regulations, design bearing loads on concrete may be taken
as ¢.P,:

(8 Onthefull areaof aconcrete support
P, =0.85//4, (J9-1)

(b) On lessthan the full areaof a concrete support

P, =0.85f, 4,\/4,1 4, (J9-2)
where

¢, =0.60

A, =areaof steel concentrically bearing on a concrete support, in.2 (mm?)

A, =maximum area of the portion of the supporting surface that is geometri-
cally similar to and concentric with the loaded area, in.2 (mm?)

\/A2/A1 <2

ANCHOR RODSAND EMBEDMENTS

Steel anchor rods and embedments shall be proportioned to devel op the factored
load combinations stipulated in Section A4. If the load factors and combinations
stipulated in Section A4 are used to design concrete structural elements, the provi-
sions of ACI 318 shall be used with appropriate ¢ factors as given in ACI 318,
Appendix C.
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CHAPTERK

CONCENTRATED FORCES, PONDING, AND FATIGUE

This chapter covers member strength design considerations pertaining to concentrated
forces, ponding, and fatigue.

K1. FLANGES AND WEBS WITH CONCENTRATED FORCES

1.

Design Basis

Sections K1.2 through K 1.7 apply to single and double concentrated forces as indi-
cated ineach Section. A single concentrated force is tensile or compressive. Double
concentrated forces, one tensile and one compressive, form a couple on the same
side of the loaded member.

Transverse stiffeners are required at locations of concentrated tensile forces in
accordance with Section K1.2 for the limit state of flange local bending, and at
unframed ends of beams and girders in accordance with Section K1.8. Transverse
stiffeners or doubler plates are required at locations of concentrated forces in accor-
dance with Sections K 1.3 through K1.6 for the limit states of web local yielding,
crippling, sidesway buckling, and compression buckling. Doubler plates or diago-
nal stiffeners are required in accordance with Section K 1.7 for the limit state of web
panel-zone shear.

Transverse stiffeners and diagonal stiffeners required by Sections K1.2 through
K 1.8 shall also meet the requirements of Section K1.9. Doubler plates required by
Sections K 1.3 through K 1.6 shall also meet the requirements of Section K1.10.

Flange Local Bending

This Section applies to both tensile single-concentrated forces and the tensile com-
ponent of double-concentrated forces.

A pair of transverse stiffeners extending at least one-half the depth of the web shall
be provided adjacent to a concentrated tensile force centrally applied across the
flange when the required strength of the flange exceeds 0OR,,

where
$=0.90
R,= 625> F, K1-1)

F,s = specified minimum yield stress of the flange, ksi (MPa)
t, = thickness of the loaded flange, in. (mm)

If the length of loading across the member flange is less than 0.15bh, where b is the
member flange width, Equation K1-1 need not be checked.
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When the concentrated force to be resisted is applied at a distance from the member
end that is less than 10t R, shall be reduced by 50 percent.

When transverse stiffeners are required, they shall be welded to the loaded flange to
develop the welded portion of the stiffener. The weld connecting transverse stiffen-
ers to the web shall be sized to transmit the unbalanced force in the stiffener to the
web. Also, see SectionK1.9.

Web Local Yielding

This Section applies to single-concentrated forces and both components of
double-concentrated forces.

Either a pair of transverse stiffeners or a doubler plate, extending at least one-half
the depth of the web, shall be provided adjacent to a concentrated tensile or com-
pressive force when the required strength of the web at the toe of the fillet exceeds

OR,,
where

o =10
and R, is determined as follows:

(a) When the concentrated force to be resisted is applied at a distance from the
member end that is greater than the depth of the member 4,

R,= (5k+N)F, 1, (K1-2)

(b) When the concentrated force to be resisted is applied at a distance from the
member end that is less than or equal to the depth of the member 4,

R,=Q.5k+N)F,, t, (K1-3)
In Equations K1-2 and K1-3, the following definitions apply:

F,, = specified minimum yield stress of the web, ksi (MPa)
N =length of bearing (not less than & for end beam reactions), in. (mm)
k  =distance from outer face of the flange to the web toe of the fillet, in. (mm)

t, = web thickness, in. (mm)

When required, for a tensile force normal to the flange, transverse stiffeners shall be
welded to the loaded flange to develop the connected portion of the stiffener. When
required for a compressive force normal to the flange, transverse stiffeners shall
either bear on or be welded to the loaded flange to develop the force transmitted to
the stiffener. The weld connecting transverse stiffeners to the web shall be sized to
transmit the unbalanced force in the stiffener to the web. Also, see Section K1.9.

Alternatively, when doubler plates are required, see Section K1.10.
Web Crippling

This Section applies to both compressive single-concentrated forces and the com-
pressive component of double-concentrated forces.

Either a transverse stiffener, a pair of transverse stiffeners, or a doubler plate,
extending at least one-half the depth of the web, shall be provided adjacent to a con-
centrated compressive force when the required strength of the web exceeds 0R,,
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where

¢ =075
and R, is determined as follows:

(a) Whenthe concentrated compressive force to be resisted is applied at a distance
from the member end that is greater than or equal to d /2,

1.5
N FFo1
R, =080:2[143[ 2 |[ 2| |22l (K1-4)
d |\t t,

(b) When the concentrated compressive force to be resisted is applied at a distance
from the member end that is less than /2,

For N/d<0.2,
1.5
N FFul
R, =040z |143 2 || o | [ (2SI (K1-5a)
d 1, t,
For N/d>0.2,
1.5
4N FF,1
R, =0402 14| 22 o2 | 2o | [ |22l (K 1-5b)
d i t,

In Equations K1-4 and K1-5, the following definitions apply:

d = overall depth of the member, in. (mm)
t; = flange thickness, in. (mm)

When transverse stiffeners are required, they shall eitherbear on or be welded to the
loaded flange to develop the force transmitted to the stiffener. The weld connecting
transverse stiffeners to the web shall be sized to transmit the unbalanced force in the
stiffener to the web. Also, see Section K1.9.

Alternatively, when doubler plates are required, see Section K1.10.

5. Web Sidesway Buckling

This Section applies only to compressive single-concentrated forces applied to
members where relative lateral movement between the loaded compression flange
and the tension flange is not restrained at the point of application of the concen-
trated force.

The design strength of the web is OR,,
where

¢ =0.85
and R, is determined as follows:

(a) If the compression flange is restrained against rotation:

For (h/t,)/(I/b)<2.3,
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Crt hit ]
R =—"/|14+04] — -
n h2 (Z/b/ (Kl 6)

for (1 /t,) /(1/ by > 2.3, the limit state of sidesway web buckling does not apply.

When the required strength of the web exceeds 0R,, local lateral bracing shall be
provided at the tension flange or either a pair of transverse stiffeners or a doubler
plate, extending at least one-half the depth of the web, shall be provided adjacent to
the concentrated compressive force.

When transverse stiffeners are required, they shall eitherbear on or be welded to the
loaded flange to develop the full-applied force. The weld connecting transverse
stiffeners to the web shall be sized to transmit the force in the stiffener to the web.
Also, sce Section K1.9.

Alternatively, when doubler plates are required, they shall be sized to develop the
full-applied force. Also, see Section K1.10.

(b) If the compression flange is nof restrained against rotation:
For(h/t,)/(I/by<1.7,

CLt hit )
R =—2/104| = B
T (Z/b/ (K1-7)

for (1 /t,) /(1/ by > 1.7, the limit state of sidesway web buckling does not apply.

When the required strength of the web exceeds ¢R,, local lateral bracing shall be
provided at both flanges at the point of application of the concentrated forces.

In Equations K1-6 and K1-7, the following definitions apply:

! = largest laterally unbraced length along either flange at the point of load, in.
(mm)

b, = flange width, in. (mm)

t; = flange thickness, in. (mm)

t, = web thickness, in. (mm)

h = clear distance between flanges less the fillet or corner radius for rolled
shapes; distance between adjacent lines of fasteners or the clear distance
between flanges when welds are used for built-up shapes, in. (mm)

C,= 960,000 ksi (6.62x10° MPa) when A, < M, at the location of the force

= 480,000 ksi (3.31x10° MPa) when M, > M, at the location of the force

Web Compression Buckling

This Section applies to a pair of compressive single-concentrated forces or the com-
pressive components in a pair of double-concentrated forces, applied at both
flanges of a member at the same location.

Either a single transverse stiffener, or pair of transverse stiffeners, or a doubler
plate, extending the full depth of the web, shall be provided adjacent to concen-
trated compressive forces at both flanges when the required strength of the web
exceeds OR,,
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where
$=0.90
and
3
241, JEE,,

R =_N"» (K1-8)
n h

When the pair of concentrated compressive forces to be resisted is applied at a dis-
tance from the memberend thatis lessthand/ 2, R, shall be reduced by 50 percent.

When transverse stiffeners are required, they shall eitherbear on or be welded to the
loaded flange to develop the force transmitted to the stiffener. The weld connecting
transverse stiffeners to the web shall be sized to transmit the unbalanced force in the
stiffener to the web. Also, see Section K1.9.

Alternatively, when doubler plates are required, see Section K1.10.

7. Web Panel-Zone Shear

Either doubler plates or diagonal stiffeners shall be provided within the boundaries
of the rigid connection of members whose webs lie in a common plane when the
required strength exceeds ¢R,,

where

o =0.90
and R, is determined as follows:

(a) Whenthe effect of panel-zone deformation on frame stability is nof considered
in the analysis,

For P,<04P,
R,=0.60F, d. 1, (K1-9)
For P,>0.4P,

P
R,=0.60Fdt, (1.4—;"} (K1-10)

y

(b) When frame stability, including plastic panel-zone deformation, is considered
in the analysis:

For P,<0.75P,

3b,t,
R, =0.60Fd,1, | 14— (K1-11)
b

c'w

For P, > 0.75P,
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3b,1,° 12P
R, =0.60Fd.t, (1+ﬂJ(1.9— > (K1-12)
b etw ¥y

In Equations K1-9 through K1-12, the following definitions apply:

t,, = column web thickness, in. (mm)

b~ width of column flange, in. (mm)

t.r= thickness of the column flange, in. (mm)
d,=beam depth, in. (mm)

d, = column depth, in. (mm)

I = yield strength of the column web, ksi (MPa)

B, = FA, axial yield strength of the column, kips (N)
A = column cross-sectional area, in.”> (mm?)

When doubler plates are required, they shall meet the criteria of Section F2 and
shall be welded to develop the proportion of the total shear force which is to be
carried.

Alternatively, when diagonal stiffeners are required, the weld connecting diagonal
stiffeners to the web shall be sized to transmit the stiffener force caused by unbal-
anced moments to the web. Also, see Section K1.9.

Unframed Ends of Beams and Girders

At unframed ends of beams and girders not otherwise restrained against rotation
about their longitudinal axes, a pair of transverse stiffeners, extending the full depth
of the web, shall be provided. Also, see Section K1.9.

Additional Stiffener Requirements for Concentrated Forces
Transverse and diagonal stiffeners shall also comply with the following criteria:

(1) The width of each stiffener plus one-half the thickness of the column web shall
notbe less than one-third of the width of the flange or moment connection plate
delivering the concentrated force.

(2) The thickness of a stiffener shall not be less than one-half the thickness of the
flange or moment connection plate delivering the concentrated load, and not
less than its width times L79./ F, / E.

Full depth transverse stiffeners for compressive forces applied to a beam or plate
girder flange shall be designed as axially compressed members (columns) in accor-
dance with the requirements of Section E2, with an effective length of 0.754, across
section composed of two stiffeners and a strip of the web having a width of 257, at
interior stiffeners and 12#, at the ends of members.

The weld connecting bearing stiffeners to the web shall be sized to transmit the
excess web shear force to the stiffener. For fitted bearing stiffeners, see Section J8.

Additional Doubler Plate Requirements for Concentrated Forces

Doubler plates required by Sections K1.3 through K 1.6 shall also comply with the
following criteria:
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(1) The thickness and extent of the doubler plate shall provide the additional mate-
rial necessary to equal or exceed the strength requirements.

(2) The doubler plate shall be welded to develop the proportion of the total force
transmitted to the doubler plate.
K2. PONDING

The roof system shall be investigated by structural analysis to assure adequate
strength and stability under ponding conditions, unless the roof surface is provided
with sufficient slope toward points of free drainage or adequate individual drains to
prevent the accumulation of rainwater.

The roof system shall be considered stable and no further investigationis needed if:

C,+0.9C,<0.25 (K2-1)
1; =25(5H10° (K2-2)
(Metric: 1;>3 940 §%) (K2-2M)
where
32LJL4P
P /
5041, L
Metric : p =
[1’
4
C - 32§Ls
10'1,
50481
(Metric : C, = 7 : J

L,= column spacing in direction of girder (length of primary members), ft (m)

L= column spacing perpendicular to direction of girder (length of secondary
members), ft (m)

S = spacing of secondary members, ft (m)

I, = moment of inertia of primary members, in.* (mm®)

I, = moment of inertia of secondary members, in." (mm")

I; =moment of inertia of the steel deck supported on secondary members, in.* per
ft (mm* per m)

For trusses and steel joists, the moment of inertia /, shall be decreased 15 percent
when used in the above equation. A steel deck shall be considered a secondary
member when it is directly supported by the primary members.

See Appendix K2 for an alternate determination of flat roof framing stiffness.

K3. DESIGN FOR CYCLIC LOADING (FATIGUE)

Few members or connections in conventional buildings need to be designed for
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fatigue, since most load changes in such structures occur only a small number of
times or produce only minor stress fluctuations. The occurrence of full design wind
or carthquake loads is too infrequent to warrant consideration in fatigue design.
However, crane runways and supporting structures for machinery and equipment
are often subject to fatigue loading conditions.

Members and their connections subject to fatigue loading shall be proportioned in
accordance with the provisions of Appendix K3 for service loads.
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CHAPTERL

SERVICEABILITY DESIGN CONSIDERATIONS

This chapter is intended to provide design guidance for serviceability considerations.

Serviceability is a state in which the function of a building, its appearance, maintainabil-
ity, durability, and comfort of its occupants are preserved under normal usage. The
general design requirement for serviceability is given in Section A5 4. Limiting values of
structural behavior to ensure serviceability (e.g., maximum deflections, accelerations,
etc.) shall be chosen with due regard to the intended function of the structure. Where
necessary, serviceability shall be checked using realistic loads for the appropriate service-
ability limit state.

L1.

L2.

L3.

CAMBER

If any special camber requirements are necessary to bring a loaded member into
proper relation with the work of other trades, as for the attachment of runs of sash,
the requirements shall be set forth in the design documents. If camber involves the
erection of any member under a preload, this shall be noted in the design
documents.

Beams and trusses detailed without specified camber shall be fabricated so that
after erection any camber due to rolling or shop assembly shall be upward.
EXPANSION AND CONTRACTION

Adequate provision shall be made for expansion and contraction appropriate to the
service conditions of the structure.

DEFLECTIONS, VIBRATION, AND DRIFT

Deflections

Deformations in structural members and structural systems due to service loads
shall not impair the serviceability of the structure.

Floor Vibration

Vibration shall be considered indesigning beams and girders supporting large arcas
free of partitions or other sources of damping where excessive vibration due to
pedestrian traffic or other sources within the building is not acceptable.

Drift

Lateral deflection or drift of structures due to code-specified wind or seismic loads
shall not cause collision with adjacent structures nor exceed the limiting values of
such drifts which may be specified or appropriate.
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L4. CONNECTION SLIP

For the design of slip-critical connections see Sections J3.8 and J3.9.

L5. CORROSION

When appropriate, structural components shall be designed to tolerate corrosion or
shall be protected against corrosion that may impair the strength or serviceability of
the structure.
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CHAPTER M

FABRICATION, ERECTION, AND QUALITY CONTROL

This chapter provides requirements for shop drawings, fabrication, shop painting, erec-
tion, and quality control.

Mi1.

M2.

SHOP DRAWINGS

Shop drawings giving complete information necessary for the fabrication of the
component parts of the structure, including the location, type, and size of all welds,
bolts, and rivets, shall be prepared in advance of the actual fabrication. These draw-
ings shall clearly distinguish between shop and field welds and bolts and shall
clearly identify pretensioned and slip-critical high-strength bolted connections.

Shop drawings shall be made in conformity with good practice and with due regard
to speed and economy in fabrication and erection.

FABRICATION
Cambering, Curving, and Straightening

Local application of heat or mechanical means is permitted to be used to intro-
duce or correct camber, curvature, and straightness. The temperature of heated
areas, as measured by approved methods, shall not exceed 1,100°F (593°C) for
A514/A514M and A852/A852M steel nor 1,200°F (649°C) for other steels.

Thermal Cutting

Thermally cut edges shall meet the requirements of AWS 5.15.1.2, 5.15.4.3 and
5.15.4.4 with the exception that thermally cut free edges which will be subject to
calculated static tensile stress shall be free of round bottom gouges greater than
He-in. (5 mm) deep and sharp V-shaped notches. Gouges greater than ¥,-in. (5 mm)
deep and notches shall be removed by grinding or repaired by welding.

Re-entrant corners, except re-entrant corners of beam copes and weld access holes,
shall meet the requirements of AWS 5.16. If another specified contour is required it
must be shown on the contract documents.

Beam copes and weld access holes shall meet the geometrical requirements of Sec-
tion J1.6. For beam copes and weld access holes in ASTM A6/A6M Group 4 and 5
shapes and welded built-up shapes with material thickness greater than two in. (50
mm), a preheat temperature of not less than 150°F (66°C) shall be applied prior to
thermal cutting,

Planing of Edges

Planing or finishing of sheared or thermally cut edges of plates or shapes is not
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required unless specifically called for in the design documents or included in a stip-
ulated edge preparation for welding.

Welded Construction

The technique of welding, the workmanship, appearance, and quality of welds and
the methods used in correcting nonconforming work shall be in accordance with
AWS D1.1 except as modified in Section J2.

Bolted Construction

All parts of bolted members shall be pinned or bolted and rigidly held together dur-
ing assembly. Use of a drift pin in bolt holes during assembly shall not distort the
metal or enlarge the holes. Poor matching of holes shall be cause for rejection.

If the thickness of the material is not greater than the nominal diameter of the bolt
plus %-in. (3 mm), the holes are permitted to be punched. If the thickness of the
material is greater than the nominal diameter of the bolt plus %-in. (3 mm), the holes
shall be either drilled or sub-punched and reamed. The die for all sub-punched
holes, and the drill for all sub-drilled holes, shall be at least }/{;-in. (2 mm) smaller
than the nominal diameter of the bolt. Holes in ASTM A514/A514M steel plates
over %-in. (13 mm) thick shall be drilled.

Fully-inserted finger shims, with a total thickness of not more than ;-in. (6 mm)
within a joint, are permitted in joints without changing the design strength (based
upon hole type) for the design of connections. The orientation of such shims is inde-
pendent of the direction of application of the load.

The use of high-strength bolts shall conform to the requirements of the RCSC Load
and Resistance Factor Design Specification for Structural Joints Using ASTM
A325 or A490 Bolts.

Compression Joints

Compression joints which depend on contact bearing as part of the splice strength
shall have the bearing surfaces of individual fabricated pieces prepared by milling,
sawing, or other suitable means.

Dimensional Tolerances

Dimensional tolerances shall be in accordance with the AISC Code of Standard
Practice.

Finish of Column Bases

Column bases and base plates shall be finished in accordance with the following
requirements:

(1) Steel bearing plates two in. (50 mm) or less in thickness are permitted without
milling, provided a satisfactory contact bearing is obtained. Steel bearing
plates over two in. (50 mm) but not over four in. (100 mm) in thickness are per-
mitted to be straightened by pressing or, if presses are not available, by milling
for all bearing surfaces (except as noted in subparagraphs 2 and 3 of this sec-
tion), to obtain a satisfactory contact bearing. Steel bearing plates over fourin.
(100 mm) in thickness shall be milled for all bearing surfaces (except as noted
in subparagraphs 2 and 3 of this section).
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Ma.

MA4.

(2) Bottom surfaces of bearing plates and column bases which are grouted to
ensure full bearing contact on foundations need not be milled.

(3) Top surfaces of bearing plates need not be milled when complete-
joint-penetration groove welds are provided between the column and the bear-
ing plate.

SHOP PAINTING
General Requirements

Shop painting and surface preparation shall be in accordance with the provisions of
the AISC Code of Standard Practice.

Shop paint is not required unless specified by the contract documents.
Inaccessible Surfaces

Except for contact surfaces, surfaces inaccessible after shop assembly shall be
cleaned and painted prior to assembly, if required by the design documents.

Contact Surfaces

Paint is permitted unconditionally in bearing-type connections. For slip-critical
connections, the faying surface requirements shall be in accordance with the RCSC
Specification for Structural Joints Using ASTM A325 or A490 Bolts, paragraph

3(b).
Finished Surfaces
Machine-finished surfaces shall be protected against corrosion by a rust inhibitive

coating that canbe removed prior to erection, or which has characteristics that make
removal prior to erection unnecessary.

Surfaces Adjacent to Field Welds

Unless otherwise specified in the design documents, surfaces within two in. (50
mm) of any field weld location shall be free of materials that would prevent proper
welding or produce objectionable fumes during welding.

ERECTION
Alignment of Column Bases

Column bases shall be set level and to correct elevation with full bearing on con-
crete or masonry.

Bracing

The frame of steel skeleton buildings shall be carried up true and plumb within the
limits defined in the AISC Code of Standard Practice. Temporary bracing shall be
provided, in accordance with the requirements of the Code of Standard Practice,
wherever necessary to support all loads to which the structure may be subjected,
including equipment and the operation of same. Such bracing shall be left in place
as long as required for safety.
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Alignment

No permanent bolting or welding shall be performed until the adjacent affected por-
tions of the structure have been properly aligned.

Fit of Column Compression Joints and Base Plates

Lack of contact bearing not exceeding a gap of /s-in. (2 mm), regardless of the type
of splice used (partial-joint-penetration groove welded, or bolted), is permitted. If
the gap exceeds Xs-in. (2 mm), but is less than ¥-in. (6 mm), and if an engineering
investigation shows that sufficient contact arca does not exist, the gap shall be
packed out with non-tapered steel shims. Shims need not be other than mild steel,
regardless of the grade of the main material.

Field Welding

Shop paint on surfaces adjacent to joints to be field welded shall be wire brushed if
necessary to assure weld quality.

Field welding of attachments to installed embedments in contact with concrete
shall be done in such a manner as to avoid excessive thermal expansion of the
embedment which could result in spalling or cracking of the concrete or excessive
stress in the embedment anchors.

Field Painting

Responsibility for touch-up painting, cleaning, and field painting shall be allocated
in accordance with accepted local practices, and this allocation shall be set forth
explicitly in the design documents.

Field Connections

As erection progresses, the structure shall be securely bolted or welded to support
all dead, wind, and erection loads.

. QUALITY CONTROL

The fabricator shall provide quality control procedures to the extent that the fabrica-
tor deems necessary to assure that all work is performed in accordance with this
Specification. In addition to the fabricator’s quality control procedures, material
and workmanship at all times may be subject to inspection by qualified inspectors
representing the purchaser. If such inspection by representatives of the purchaser
will be required, it shall be so stated in the design documents.

Cooperation

As far as possible, all inspection by representatives of the purchaser shall be made
at the fabricator’s plant. The fabricator shall cooperate with the inspector, permit-
ting access for inspection to all places where work is being done. The purchaser’s
inspector shall schedule this work for minimum interruption to the work of the
fabricator.

Rejections

Material or workmanship not in reasonable conformance with the provisions of this
Specification may be rejected at any time during the progress of the work.
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The fabricator shall receive copies of all reports furnished to the purchaser by the
inspection agency.

3.  Inspection of Welding

The inspection of welding shall be performed in accordance with the provisions of
AWS D1.1 except as modified in Section J2.

When visual inspection is required to be performed by AWS certified welding
inspectors, it shall be so specified in the design documents.

When nondestructive testing is required, the process, extent, and standards of
acceptance shall be clearly defined in the design documents.

4.  Inspection of Slip-Critical High-Strength Bolted Connections

The inspection of slip-critical high-strength bolted connections shall be in accor-
dance with the provisions of the RCSC Load and Resistance Factor Design Specifi-
cation for Structural Joints Using ASTM A325 or A490 Bollts.

5. Identification of Steel

The fabricator shall be able to demonstrate by a written procedure and by actual
practice a method of material application and identification, visible at least through
the “fit-up” operation, of the main structural elements of a shipping piece.

The identification method shall be capable of verifying proper material application
as it relates to:

(1) Material specification designation
(2) Heat number, if required

(3) Material test reports for special requirements
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CHAPTER N

EVALUATION OF EXISTING STRUCTURES

This chapter applies to the evaluation of the strength and stiffness under static vertical
(gravity) loads of existing structures by structural analysis, by load tests, or by a combina-
tion of structural analysis and load tests when specified by the Engineer of Record or in
the contract documents. For such evaluation, the steel grades are not limited to those
listed in Section A3.1. This chapter does not address load testing for the effects of seismic
loads or moving loads (vibrations).

N1.

N2.

GENERAL PROVISIONS

These provisions shall be applicable when the evaluation of an existing steel struc-
ture is specified for (a) verification of a specific set of design loadings or (b) deter-
mination of the design strength of a load resisting member or system. The evalua-
tion shall be performed by structural analysis (Section N3), by load tests (Section
N4), or by a combination of structural analysis and load tests, as specified in the
contract documents. Where load tests are used, the Engineer of Record shall first
analyze the structure, prepare a testing plan, and develop a written procedure to pre-
vent excessive permanent deformation or catastrophic collapse during testing.

MATERIAL PROPERTIES
Determination of Required Tests

The Engineer of Record shall determine the specific tests that are required from
Section N2.2 through N2.6 and specify the locations where they are required.

Where available, the use of applicable project records shall be permitted to reduce
or climinate the need for testing.

Tensile Properties

Tensile properties of members shall be considered in evaluation by structural analy-
sis (Section N3) or load tests (Section N4). Such properties shall include the yield
stress, tensile strength, and percent elongation. Where available, certified mill test
reports or certified reports of tests made by the fabricator or a testing laboratory in
accordance with ASTM A6/A6M or A568/A568M, as applicable, shall be permit-
ted for this purpose. Otherwise, tensile tests shall be conducted in accordance with
ASTM A370 from samples cut from components of the structure.

Chemical Composition

Where welding is anticipated for repair or modification of existing structures, the
chemical composition of the steel shall be determined for use in preparing a weld-
ing procedure specification (WPS). Where available, results from certified mill test
reports or certified reports of tests made by the fabricator or a testing laboratory in
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N3.

accordance with ASTM procedures shall be permitted for this purpose. Otherwise,
analyses shall be conducted in accordance with ASTM A751 from the samples
used to determine tensile propertics, or from samples taken from the same
locations.

Base Metal Notch Toughness

Where welded tension splices in heavy shapes and plates as defined in Section
A3.1c are critical to the performance of the structure, the Charpy V-notch tough-
ness shall be determined in accordance with the provisions of Section A3.1¢c. Ifthe
notch toughness so determined does not meet the provisions of Section A3.1c, the
Engineer of Record shall determine if remedial actions are required.

Weld Metal

Where structural performance is dependent on existing welded connections, repre-
sentative samples of weld metal shall be obtained. Chemical analysis and mechani-
cal tests shall be made to characterize the weld metal. A determination shall be
made of the magnitude and consequences of imperfections. If the requirements of
AWS D1.1 are not met, the Engineer of Record shall determing if remedial actions
are required.

Bolts and Rivets

Representative samples of bolts shall be inspected to determine markings and clas-
sifications. Where bolts cannotbe properly identified visually, representative sam-
ples shall be removed and tested to determine tensile strength in accordance with
ASTM F606 or ASTM F606M and the bolt classified accordingly. Alternatively,
the assumption that the bolts are A307 shall be permitted. Rivets shall be assumed
tobe A502, Grade 1, unless a higher grade is established through documentation or
testing,

EVALUATION BY STRUCTURAL ANALYSIS
Dimensional Data

All dimensions used in the evaluation, such as spans, column heights, member
spacings, bracing locations, cross section dimensions, thicknesses, and connection
details, shall be determined from a field survey. Alternatively, when available, it
shall be permitted to determine such dimensions from applicable project design or
shop drawings with field verification of critical values.

Strength Evaluation

Forces (load effects) in members and connections shall be determined by structural
analysis applicable to the type of structure evaluated. The load effects shall be
determined for the loads and factored load combinations stipulated in Section A4.

The design strength of members and connections shall be determined from applica-
ble provisions of Chapters B through K of this Specification.

Serviceability Evaluation

Where required, the deformations at service loads shall be calculated and reported.
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EVALUATION BY LOAD TESTS
Determination of Live Load Rating by Testing

To determine the live load rating of an existing floor or roof structure by testing, a
test load shall be applied incrementally in accordance with the Engineer of Rec-
ord’s plan. The structure shall be visually inspected for signs of distress or immi-
nent failure at each load level. Appropriate measures shall be taken if these or any
other unusual conditions are encountered.

The tested design strength of the structure shall be taken as the maximum applied
test load plus the in-situ dead load. The live load rating of a floor structure shall be
determined by setting the tested design strengthequalto 1.2D+ 1.6, where D isthe
nominal dead load and 7 is the nominal live load rating for the structure. The nomi-
nal live load rating of the floor structure shall not exceed that which can be calcu-
lated using applicable provisions of the specification. Forroof structures, ,, S, or R
as defined in the Symbols, shall be substituted for L. More severe load combina-
tions shall be used where required by applicable building codes.

Periodic unloading shall be considered once the service load level is attained and
after the onset of inelastic structural behavior is identified to document the amount
of permanent set and the magnitude of the inelastic deformations. Deformations of
the structure, such as member deflections, shall be monitored at critical locations
during the test, referenced to the initial position before loading. It shall be demon-
strated, while maintaining maximum test load for one hour, that the deformation of
the structure does not increase by more than 10 percent above that at the beginning
of the holding period. It is permissible to repeat the sequence if necessary to dem-
onstrate compliance.

Deformations of the structure shall also be recorded 24 hours after the test loading
is removed to determine the amount of permanent set. Because the amount of
acceptable permanent deformation depends on the specific structure, no limit is
specified for permanent deformation at maximum loading. Where it is not feasible
to load test the entire structure, a segment or zone of not less than one complete bay,
representative of the most critical conditions, shall be selected.

Serviceability Evaluation

When load tests are prescribed, the structure shall be loaded incrementally to the
service load level. Deformations shall be monitored for a period of one hour. The
structure shall then be unloaded and the deformation recorded.

EVALUATION REPORT

After the evaluation of an existing structure has been completed, the Engineer of
Record shall prepare a report documenting the evaluation. The report shall indicate
whether the evaluation was performed by structural analysis, by load testing or by a
combination of structural analysis and load testing. Furthermore, when testing is
performed, the report shall include the loads and load combination used and the
load-deformation and time-deformation relationships observed. All relevant infor-
mation obtained from design drawing, mill test reports, and auxiliary material test-
ing shall also be reported. Finally, the report shall indicate whether the design
strength of the structure, including all members and connections, is adequate to
withstand the load effects.
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APPENDIX B

DESIGN REQUIREMENTS

Appendix B5.1 provides an expanded definition of limiting width-thickness ratio for
webs in combined flexure and axial compression. Appendix B5.3 applies to the design of
members containing slender compression elements.

Bs.

1.

LOCAL BUCKLING
Classification of Steel Sections

For members with unequal flanges and with webs in combined flexural and axial
compression, A, for the limit state of web local buckling is

&,:1.49\/§{1+2.83[£j[1— & ﬂ (A-B5-1)
L h, 0L,

<l s
hC

=W
N | W

For members with unequal flanges with webs subjected to flexure only, A, for the

limit state of web local buckling is
h -
{1 +2.83 [h—ﬂ (A-B5-2)

<3
2

A, =149

==

<

& =

3
4
where A, A, and /. are as defined in Section B3.1.

These substitutions shall be made in Appendices F and G when applied to members
with unequal flanges. If the compression flange is larger than the tension flange, A,
shall be determined using Equation A-B5-1, A-B5-2, or Table B5.1.

Slender-Element Compression Sections

Axially loaded members containing elements subject to compression which have a
width-thickness ratio in excess of the applicable A, as stipulated in Section B3.1
shall be proportioned according to this Appendix. Flexural members with slender
compression elements shall be designed in accordance with Appendices F and G.
Flexural members with proportions not covered by Appendix F1 shall be designed
in accordance with this Appendix.
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3a.

LOCAL BUCKLING [App. B5.

Unstiffened Compression Elements

The design strength of unstiffened compression elements whose width-thickness
ratio exceeds the applicable limit A, as stipulated in Section B5.1 shall be subject to
a reduction factor Q,. The value of Q; shall be determined by Equations A-B5-3
through A-B5-10, as applicable. When such elements comprise the compression
flange of a flexural member, the design flexural strength, in ksi, shall be computed
using ¢,F,Q,, where ¢, = 0.90. The design strength of axially loaded compression
members shall be modified by the appropriate reduction factor Q, as provided in
Appendix B5.3d.

(a)

(b)

(©

For single angles:

when 0.45,/E/F, <b/t <091 [E/F, :

0, =1.340-0.76(b/1),[F, | E (A-B5-3)
when b/t0.911 [EIF,
0 = 0.53E/[Fy (b/rﬂ (A-B5.4)

For flanges, angles, and plates projecting from rolled beams or columns or
other compression members:

when 0.56,[E/F, <b/t<1.03,JE/F, :
0, =1.415-0.74(b/ 1) JF, | E (A-B5-5)
when b/1>1.03,[E/F, :

0, =0.69E /| F, (b/1) | (A-B5-6)

For flanges, angles and plates projecting from built-up columns or other com-
pression members:

when 0.64,/E/(F,/k,) <blt <117 |E/F,/k,):

0, = 1.415-0.65(b/1)[(F, I k.E) (A-B5-7)
when b/t > LITJEXF, /%) :
0. = 0.90Ek, /[Fy (b/t)z] (A-B5-8)

The coefficient, k., shall be computed as follows:

(a) For I-shaped sections:
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ko= 035<k. <0763
hit,

where

h = depth of web, in. (mm)
t,, = thickness of web, in. (mm)

(b) For other sections:
k.=0.763
For stems of tees:
when 0.75,[E/F, <|d/t|< 1.03,[E/F, :

0, =1.908-1.2 F,/E (A-B5-9)
when [d/1]>1.03,[E/F, : ¢ Errata,
0, =069V F[d/}] (A-B5-10)

where
= width of unstiffened compression element as defined in Section B5.1,
in. (mm)
t = thickness of unstiffened element, in. (mm)

Stiffened Compression Elements

When the width-thickness ratio of uniformly compressed stiffened elements
(except perforated cover plates) exceeds the limit A, stipulated in Section B5.1, a
reduced effective width b, shall be used in computing the design properties of the
section containing the element.

(a)

(b)

For flanges of square and rectangular sections of uniform thickness:

when éz 1.40 £ :
t S

b, =191z El,_038 JE (A-B5-11)
S b\ f

otherwise b, = b.

For other uniformly compressed elements:

when b >1.49 £ :
t S

be=1.91t\/E el L (A-B5-12)
L @o\Nf

otherwise b, =b.

where
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b = actual width of a stiffened compression element, as defined in Section
B5.1, in. (mm)

b, = reduced effective width, in. (mm)

t = clement thickness, in. (mm)

f =computed elastic compressive stress in the stiffened elements, based on
the design properties as specified in Appendix B5.3¢, ksi (MPa). If un-
stiffened elements are included in the total cross section, ffor the stiff-
ened element must be such that the maximum compressive stress in the
unstiffened element does not exceed ¢.F.as defined in Appendix B5.3d
with O = O, and ¢, = 0.85, or ¢,F, O, with ¢, = 0.90, as applicable.

(c) For axially loaded circular sections with diameter-to-thickness ratio D / ¢
greater than 0.11£/F, but less than 0.45E/ F,

_ 0038E 2
E(D/t) 3

=0, (A-B35-13)

where

D = outside diameter, in. (mm)
¢t = wall thickness, in. (mm)

Design Properties

Properties of sections shall be determined using the full cross section, except as fol-
lows:

In computing the moment of inertia and elastic section modulus of flexural mem-
bers, the effective width of uniformly compressed stiffened elements 4., as deter-
mined in Appendix B5.3b, shall be used in determining effective cross-sectional
properties.

For unstiffened elements of the cross section, Q, is determined from Appendix
B5.3a. For stiffened elements of the cross section

0. = effective area (A-B5-14)

where the effective area is equal to the summation of the effective areas of the cross
section.

actual area

Design Strength

For axially loaded compression members the gross cross-sectional arca and the
radius of gyration  shall be computed on the basis of the actual cross section. The
critical stress £, shall be determined as follows:

(a) For A../O <L.5:

F, = 0(0.658")F, (A-B5-15)

(b) ForA..JO >1.5:
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Fo= {M}F (A-B5-16)
CcF }\,i y
where
=00, (A-B5-17)

Cross sections comprised of only unstiffened elements, O = J,, (0, = 1.0)
Cross sections comprised of only stiffened elements, O = 0,, (U= 1.0)

Cross sections comprised of both stiffened and unstiffened elements, O = 0.0,
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APPENDIX E

COLUMNS AND OTHER COMPRESSION MEMBERS

This Appendix applies to the strength of doubly symmetric columns with thin plate ele-
ments, and singly symmetric and unsymmetric columns for the limit states of
flexural-torsional and torsional buckling.

E3.

DESIGN COMPRESSIVE STRENGTH FOR FLEXURAL-TORSIONAL
BUCKLING

The design strength of compression members determined by the limit states of
torsional and flexural-torsional buckling is ¢.P,,

where
o, =0.85
P, = nominal resistance in compression, kips (N)
= AF, (A-E3-1)

A, = gross area of cross section, in.> (mm®)

The nominal critical stress F, is determined as follows:

(a) For le\/@ <L5:

F, = 0(0.658”%)F, (A-E3-2)

(b) For A,4JO >1.5:

0.877
F, = { o }Fy (A-E3-3)

where

A =F/F, (A-E3-4)

Q = 1.0 for elements meeting the width-thickness ratios A, of Section B5.1

= 0,0, for elements not meeting the width-thickness ratios A, of Section B5.1
and determined in accordance with the provisions of Appendix B5.3

The critical torsional or flexural-torsional elastic buckling stress £; is determined as
follows:

(a) For doubly symmetric shapes:
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EC, 1
k= r > +GJ (A-E3-5)
(K.D I +1,

(b) For singly symmetric shapes where y is the axis of symmetry:

F+F, AR, F,H
po=re el o Mol (A-E3-6)
2H (F, +F.)

(c) For unsymmetric shapes, the critical flexural-torsional elastic buckling stress
F, is the lowest root of the cubic equation

(F, = FL XF, = F)F, - F,) - F(F, —Fey)[gj -F}(F, _F)[yfj =0
G 7 (A-E3-7)

o

where

K, =cffective length factor for torsional buckling

G = shear modulus, ksi (MPa)

C, =warping constant, in.° (mm®)

J  =torsional constant, in.* (mm®)

I, I, = moment of inertia about the principal axes, in." (mm")

x,, ¥, = coordinates of shear center with respect to the centroid, in. (mm)

I +1
=X, Y, (A-E3-8)
A
x2 + 2
H= 1_[ OFZ“V j (A-E3-9)
oo n’E
“ = KA (A-E3-10)
oo n’E
ey T (Kyl/l‘y)z (A'E3'1 1)
n’EC, 1
F, = [ s +GJ s (A-E3-12)
A = cross-sectional area of member, in.? (mm?)
/ = unbraced length, in. (mm)

K., K, = effective length factors in x and y directions
., ¥, = radii of gyration about the principal axes, in. (mm)
7, = polar radius of gyration about the shear center, in. (mm)

~
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APPENDIXF

BEAMS AND OTHER FLEXURAL MEMBERS

Appendix F1 provides the design flexural strength of beams and other flexural members.
Appendix F2 provides the design shear strength of webs with and without stiffeners and
requirements on transverse stiffeners. Appendix F3 applies to web-tapered members.

F1.

DESIGN FOR FLEXURE

The design strength for flexural members is ¢, where ¢,=0.90 and M,,is the nom-
inal strength.

Table A-F1.1 provides a tabular summary of Equations F1-1 through F1-15 for
determining the nominal flexural strength of beams and other flexural members.
For slenderness parameters of cross sections not included in Table A-F1.1, see
Appendix B5.3. For flexural members with unequal flanges see Appendix B5.1 for
the determination of A, for the limit state of web local buckling.

The nominal flexural strength A4, is the lowest value obtained according to the limit
states of yielding: lateral-torsional buckling (LTB); flange local buckling (FLB);
and web local buckling (WLB).

The nominal flexural strength A/, shall be determined as follows for each limit state:
(@) ForA <A,
M,=M, (A-F1-1)
(b) ForA , <A<A,:
For the limit state of lateral-torsional buckling:

A-4
M, =C,| M, —(M,— M) 2 |l<M, (AF1-2)
r r )V,-_)vp r

For the limit states of flange and web local buckling:

A-A
M =M —(M —M L4 A-F1-3
L =M, ~(M, ,{&_lpj (A-F1-3)

(¢) ForA>A,:
For the limit state of lateral-torsional buckling and flange local buckling:
M,=M, =SF, <M, (A-F1-4)
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For the design of other flexural members with slender webs, the limit state of web
local buckling is not applicable. See Appendix G2.

For A of the flange > A,.in shapes not included in Table A-F1.1, see Appendix B5.3.
For A of the web > A,, see Appendix G.

The terms used in the above equations are:
M, = nominal flexural strength, kip-in. (N-mm)
M, =F,Z, plastic moment < 1.5 7, S, kip-in. (N-mm)
M., = buckling moment, kip-in. (N-mm)
M, = limiting buckling moment (equal to M, when A = A,), kip-in. (N-mm)
A = controlling slenderness parameter
= minor axis slenderness ratio L, / r, for lateral-torsional buckling
=flange width-thickness ratio » /¢ for flange local buckling as defined in Sec-
tion B5.1
=web depth-thickness ratio /1 /7, for web local buckling as defined in Section
B5.1
A, = largest value of A for which M, = M,
A. = largest value of A for which buckling is inelastic
F,,. = critical stress, ksi (MPa)
C, = bending coefficient dependent on moment gradient, see Section F1.2a,
Equation F1-3
S = section modulus, in.* (mm®)
L, = laterally unbraced length, in. (mm)
r, = radius of gyration about minor axis, in. (mm)

The applicable limit states and equations for M, A£,., F,,, A, A, and A,.are givenin the
Table A-F1.1 for shapes covered inthis Appendix. The terms used in the table are:

A = cross-sectional area, in.> (mm?)
Fy = smaller of (F,,— F,) or I',,,, ksi (MPa)
F, = compressive residual stress in flange

= 10 ksi (69 N/mm?) for rolled shapes

= 16.5 ksi (114 N/mm?) for welded shapes
F, = specified minimum yield strength, ksi (MPa)
Fr =yield strength of the flange, ksi (MPa)
F,,, =yield strength of the web, ksi (MPa)
1, =momentofinertia of compression flange about y axis orif reverse curvature

bending, moment of inertia of smaller flange, in.* (nm")
J = torsional constant, in.* (mm®)
R, =see Appendix G2
S, = effective section modulus about major axis, in.* (mm’)
S, = section modulus of the outside fiber of the compression flange,
in? (mm?)

S,, = section modulus of the outside fiber of the tension flange, in.* (mm?)
Z = plastic section modulus, in.* (mm?*)
b = flange width, in. (mm)
d = overall depth, in. (mm)
/= computed compressive stress in the stiffened element, ksi (MPa)

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



98 DESIGN FOR FLEXURE [App. F1.

TABLE A-F1.1
Nominal Strength Parameters
Plastic Lo .
Moment Limit State of Limiting Buckling
Shape M, Buckling Moment M,
Channels and doubly FZ, LTB doubly symmetric F,. S,
and singly symmetric [b] members and channels

I-shaped beams (includ-

ing hybrid beams) bent LTB singly symmetric

about major axis [a] members
FLch <F ytsxt
FLB F.S,
WLB ReF,Sx
Channels and doubly FZ, FLB F,S,

and singly symmetric
I-shaped members bent
about minor axis [a]

NOTE: LTB applies only for strong axis bending.
[a] Excluding double angles and tees.
[b] Computed from fully plastic stress distribution for hybrid sections.

Errata n  |EGJA Cu (S >
9/4/01 [c] X; =5 sz = 47 CTS _l
yd
X
[d A, :FTl T\ 1+ X
M _2EC, 5
(o) £, =g where M, == 1,3 [B,+ |@5.+ B )} <M,

where

B, = 2.25[ 20,0/, )-1| (1L, ) [T, 70)
B, = 25(L— I, /1, )1, )Ly )°

Cp =10/, /1, <0.10r/ /I, >0.9
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TABLE A-F1.1 (cont'd)
Nominal Strength Parameters

Slenderness Parameters
Critical Stress F_, s Ap A Limitations
CoXiv2 | XX, Ly 176 |.E Applicable for
x MYy r, NEy [c.d] I-shaped
members if
Lp E Value of A hity <.
[e] e YoVE, forwhich | When
Mcr(Cb=1)=Mr h/tw >)\4[ )
see Appendix G.
d 0.38 £
[f t N, lo]
Not applicable h 376 E A, as defined
ty : a in Section B5.1
0.69E b
> 2 038 | £ 0835 None

Notes (cont'd):

0.69F
[l For = 2

for rolled shapes

0.90Ek

Fy = 2 ¢ for welded shapes

where
k.=4/Jh/t, and 0.35 <k, <0763

[g] &, =0.83 FE for rolled shapes
L

Ay =

for welded shapes

5[ E
(Fiilk

c
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TABLE A-F1.1 (cont'd)
Nominal Strength Parameters

Plastic Limit State Limiting Buckling
Shape Moment M, of Buckling Moment M,
Solid symmetric FZ. Not Applicable
shapes, except rec-
tangular bars, bent
about major axis
Solid rectangular FZ. LTB F,S,
bars bent about
major axis
Symmetric box FZ LTB FuSer
sections loaded in a
plane of symmetry
FLB FySes
WLB Same as for I-shape
Round HSS FZ LTB Not applicable
0.021E
=|——+F, |S [h
FLB n ( D/t yj (h]
WLB Not applicable

Notes (cont'd):
[h] This equation is to be used in place of Equation A-F1-3.
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TABLE A-F1.1 (cont'd)
Nominal Strength Parameters

Critical Stress

Slenderness Parameters

A

A

For Limitations
Not applicable
2EC,\JA L, 0.13EJJA 2EJIA None
AS, r, M, M,
2EC,JJA L 0.13EJUA 2EJIA Applicable if
AS Iy M, M, hit,<570E/F,
(il
Ser F b 1.12\/E 140 |E None
s’ t F, F,
Same as for I-Shape
Not applicable
0.33E D/t 0.071E 0.31E 045E
Dit<
D/t F, F, F,

Not applicable

Notes (contd):

il Seris the effective section modulus for the section with a compression flange b, defined in
Appendix B5.3b.
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F2.

DESIGN FOR FLEXURE [App. F1.

h  =clear distance between flanges less the fillet or corner radius at each flange,
in. (mm)

ry =radius of gyration of compression flange about y axis or if reverse curvature
bending, smaller flange, in. (mm)

t, = flange thickness, in. (mm)

t, = web thickness, in. (mm)

DESIGN FOR SHEAR
Design Shear Strength

The design shear strength of stiffened or unstiffened webs is ¢V,

where
o, =0.90
7,= nominal shear strength defined as follows:

(@ For h/t, < 1~10«/kvE/wa :

V,=06F4, (A-F2-1)
(b) For l.lokaE/wa <h/t,< 1.37JkVE/FyW :
V,=06F,A,0.10JkE/F,)/(h/t,) (A-F2-2)
(¢c) For h/t, > 1.371/kVE/wa :
V. =A,0091Ek)/(h/1,) (A-F2-3)

where

k,=5+5/(alh)?
=5whena/h>3o0ral/h >[260/ (h/ D))
a = distance between transverse stiffeners, in. (mm)
h = for rolled shapes, the clear distance between flanges less the fillet or corner
radius, in. (mm)
= for built-up welded sections, the clear distance between flanges, in. (mm)
= forbuilt-up bolted or riveted sections, the distance between fastener lines, in.
(mm)

Transverse Stiffeners

Transverse stiffeners are not required in plate girders where /1 /t,, <245,/E/ F,,
orwhere the required shear, I, as determined by structural analysis for the factored
loads, isless than or equal to 0.6$,4,.F,,.C,, where ¢,= 0.90 and the shear coefficient
C, defined in Appendix G3 is determined for &, = 5.

Transverse stiffeners used to develop the web design shear strength as provided in
Appendix F2.2 shall have a moment of inertia about an axis in the web center for
stiffener pairs, or about the face in contact with the web plate for single stiffeners,
which shall not be less than at,’j, where
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F3.

j=25/(alh?-220.5 (A-F2-4)

Intermediate stiffeners are permitted to be stopped short of the tension flange, pro-
vided bearing is not needed to transmit a concentrated load or reaction. The weld by
which intermediate stiffeners are attached to the web shall be terminated not less
than four times nor more than six times the web thickness from the near toe of the
web-to-flange weld. When single stiffeners are used, they shall be attached to the
compression flange, if it consists of a rectangular plate, to resist any uplift tendency
due to torsion in the flange. When lateral bracing is attached to a stiffener, or a pair
of stiffeners, these, in turn, shall be connected to the compression flange to transmit
one percent of the total flange stress, unless the flange is composed only of angles.

Bolts connecting stiffeners to the girder web shall be spaced not more than 12 in.
(300 mm) on center. If intermittent fillet welds are used, the clear distance between
welds shall not be more than 16 times the web thickness nor more than 10 in. (250
mm).

WEB-TAPERED MEMBERS

The design of tapered members meeting the requirements of this section shall be
governed by the provisions of Chapters D through H, except as modified by this
Appendix.

General Requirements

Inorderto qualify under this Specification, a tapered member shall meet the follow-
ing requirements:

(1) Tt shall possess at least one axis of symmetry, which shall be perpendicular to
the plane of bending if moments are present.

(2) The flanges shall be of equal and constant area.
(3) The depth shall vary linearly as

d=d, [l+y%) (A-F3-1)

where

¥ =(d,-d,)/d, <the smaller of 0.268(L /d,) or 6.0

d,= depth at smaller end of member, in. (mm)

dp = depth at larger end of member, in. (mm)

z = distance from the smaller end of member, in. (mm)

L =unbraced length of member measured between the center of gravity of
the bracing members, in. (mm)

Design Tensile Strength

The design strength of tapered tension members shall be determined in accordance
with Section D1.

Design Compressive Strength

The design strength of tapered compression members shall be determined in accor-
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dance with Appendix E3, using an effective slenderness parameter Az computed

as follows:
P /QFy (AF3-2)
o= =y
TV E

S = KL/r,, for weak axis buckling and K+//r,, for strong axis buckling
K = effective length factor for a prismatic member
K,= effective length factor for a tapered member as determined by a rational anal-
ysis
o= strong axis radius of gyration at the smaller end of a tapered member, in.
(mm)
r,,= weak axis radius of gyrationat the smaller end of a tapered member, in. (mm)
F,= specified minimum yield stress, ksi (MPa)
Q = reduction factor
= 1.0 if all elements meet the limiting width-thickness ratios A,.of Section B5.1
=(0,0,. determined in accordance with Appendix B5.3, if any stiffened and/or
unstiffened elements exceed the ratios A, of Section B3.1
E = modulus of ¢lasticity for steel, ksi (MPa)

where

The smallest area of the tapered member shall be used for 4, in Equation E2-1.
4.  Design Flexural Strength
The design flexural strength of tapered flexural members for the limit state of lat-
eral-torsional buckling is ¢;M,,, where ¢, = 0.90 and the nominal strength is
M, =(5/3)S. F, (AF3-3)
where

S, = the section modulus of the critical section of the unbraced beam length
under consideration

2 K,
Fyy == 1.0 - ——=—==|F, £ 0.60F, (A-F3-4)

b
T3 6B\[F2 + I,

unless 5, < F, /3, in which case

F, =B ny +F‘fy (A-F3-3)
In the preceding equations,
7 hld,lA,
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. (A-F3-7)
" (th /’/'To)2
where
Errata
h, = factor equal to10+[0.023y./Ld, / 4, 11/1/02

h,,= factor equal t010+ 0.00385y~/L/ rr,

rr,= radius of gyration of a section at the smaller end, considering only the
compression flange plusone-third of the compression web area, taken about
an axisin the plane of the web, in. (mm)

A, = area of the compression flange, in.? (mm?)

and where B is determined as follows:

(& When the maximum moment M. in three adjacent segments of approximately
equal unbraced length islocated within the central segment and A/, isthelarger
moment at one end of the three-segment portion of a member:

M, M,
B=10+ 0.37[1.0+ﬁ1)+0.50y (1'0+V1J >1.0 (A-F3-8)

2 2

(b) When the largest computed bending stress f;,, occurs at the larger end of two
adjacent segments of approximately equal unbraced lengthsand f;, isthe com-
puted bending stress at the smaller end of the two-segment portion of amem-
ber:

B=10+ O.58[1.0+£] —-0.70y [1.0+ %j =10 (A-F3-9)

b2 b2

(c) When the largest computed bending stress f;, occurs at the smaller end of two
adjacent segments of approximately equal unbraced length and f;, is the com-
puted bending stressat thelarger end of thetwo-segment portion of amember:

B =1.0+O.55[1.0+£]+2.20y (1.0+%] 210 (A-F3-10)

Jb2 Jb2

Intheforegoing, y=(d; - do)/ d,is calculated for the unbraced length that contains
the maximum computed bending stress. M, / M, is considered as negative when
producing single curvature. In the rare case where M,/ M, is positive, it is recom-
mended that it be taken as zero. f;, / f;, is considered as negative when producing
singlecurvature. If apoint of contraflexure occursin one of two adjacent unbraced
segments, f;;/ f»> is considered as positive. Theratiof;;/ f;» # 0.

(d) When the computed bending stress at the smaller end of a tapered member or
segment thereof is equal to zero:
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- AF3-11
10+0.25,fy (AF3-11)

where Y= (d; - d,)/ d,is calculated for the unbraced length adjacent to the point of
zero bending stress.

Design Shear Strength

The design shear strength of tapered flexural members shall be determined in
accordance with Section F2.

Combined Flexure and Axial Force

For tapered members with a single web taper subject to compression and bending
about the major axis, Equation H1-1 applies, with the following modifications. P,
and P,, shall be determined for the properties of the smaller end, using appropriate
effective length factors. M,., M,, and M, shall be determined for the larger end; M,
=(5/3)S".Fs,, where S, is the elastic section modulus of the larger end, and 7+, is the
design flexural stress of tapered members. C,, isreplaced by 7, determined as fol-
lows:

(a) When the member is subjected to end moments which cause single curvature
bending and approximately equal computed moments at the ends:

2
P P
C, =1.0+0.1| —— [+0.3] — A-F3-12
[ b exj [¢b})e.xj ( )

(b) Whenthe computed bending moment at the smaller end of the unbraced length
is equal to zero:

2
P P
C =1.0-09| —— |+0.6| —* A-F3-13
[gbbf)ex j [¢bf)e.x j ( )

Whenthe effective slendemess parameter 2 .5 > 1.5 and combined stress is checked
incrementally along the length, the actual area and the actual section modulus at the
section under investigation is permitted to be used.
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APPENDIX G

PLATE GIRDERS

This appendix applies to I-shaped plate girders with slender webs.

Gl.

G2.

LIMITATIONS

Doubly and singly symmetric single-web non-hybrid and hybrid plate girders
loaded in the plane of the web shall be proportioned according to the provisions of
this Appendix or Section F2, provided that the following limits are satisfied:

a
a) For —<1.5:
(@) P
tﬁs 11.7 /FE (A-G1-1)
w o

(b) For%>l.5:

h 0.48F
TS T (A-G1-2)
t, F,(F,+16.5)
Metric : h < o Oa8E (A-G1-2M)
o JE (1)

where

a = clear distance between transverse stiffeners, in. (mm)

h = clear distance between flanges less the fillet or corner radius for rolled
shapes; and for built-up sections, the distance between adjacent lines of fas-
teners or the clear distance between flanges when welds are used, in. (mm)

t, = web thickness, in. (mm)

Fs= specified minimum yield stress of a flange, ksi (MPa)

In unstiffened girders # / t,, shall not exceed 260.

DESIGN FLEXURAL STRENGTH

The design flexural strength for plate girders with slender webs shall be ¢xA 1,
where ¢, = 0.90 and M, is the lower value obtained according to the limit states of
tension-flange yield and compression-flange buckling. For girders with unequal
flanges, see Appendix B3.1 for the determination of A, for the limit state of web
local buckling.

(a) For tension-flange yield:

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



108

DESIGN FLEXURAL STRENGTH [App. G2.
M? = erReF;r (A-Gz-l)

(b) For compression-flange buckling:

M? = chRPGReF;r (A-Gz-z)
where
Reo=1-—% [P 590 |E |<10 (A-G2-3)
1,200+ 300q, | 1, E,
R, = hybrid girder factor

12+a,3m—m’ id o
_ 124a0m=m) 1 6 (for non- hybrid girders, R, = 1.0)
12+2a,

a, = ratio of web area to compression flange area (< 10)

m = ratio of web yield stress to flange yield stress or to F,.

F,. = critical compression flange stress, ksi (MPa)

F,, =yield stress of tension flange, ksi (MPa)

. = section modulus referred to compression flange, in.* (mm?)

S,, = section modulus referred to tension flange, in.* (mm®)

h, =twice the distance from the centroid to the nearest line of fasteners at the
compression flange or the inside of the face of the compression flange
when welds are used, in. (mm)

A,

The critical stress ',,.to be used is dependent upon the slenderness parameters A, A,,,
A, and Cpg as follows:

(a) ForA<A,

F,=Fy (A-G2-4)

(b) ForA,<A<A:
F CF{I l[l_lpﬂqr (A-G2-5)

or = ¥, Al A A =Ly = =)
be yf 2 )“r _)‘p f
(¢) ForA> A,
C

I, = T (A-G2-6)

In the foregoing, the slenderness parameter shall be determined for both the limit
state of lateral-torsional buckling and the limit state of flange local buckling; the
slenderness parameter which results in the lowest value of F, governs.

(a) For the limit state of lateral-torsional buckling:
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L= (A-G2-7)

A, =176 /£ (A-G2-8)
F
¥

A =444 £ (A-G2-9)
Fy

Cpg = 286,000C, (A-G2-10)
Metric: Cpg =1 970 000C,) (A-G2-10M)
where

Cy=see Section F1.2, Equation F1-3
rr = radius of gyration of compression flange plus one-third of the compression
portion of the web, in. (mm)

(b) For the limit state of flange local buckling:

PR
=2, (A-G2-11)
E
A, =038 /F— (A-G2-12)
3f
E
A =135 -(N-
, ik (A-G2-13)
Cpg = 26,200k, (A-G2-14)
(Metric: Cpg = 180 650K.) (A-G2-14M)
Cb =1.0

where k., =4/4Jh/t, and 0.35<k, < 0.763.
The limit state of flexural web local buckling is not applicable.

G3. DESIGN SHEAR STRENGTH
The design shear strength with tension field action shall be ¢,V kips (kN),
where
¢, = 0.90 and ¥, is determined as follows:

(@ For h/t, < l.lo,lkvE/FW :

V, =06F,, A, (A-G3-1)

(b) For h/t, >1.10Jk,E/F,, :
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Errata
11/1/02

G4.

DESIGN SHEAR STRENGTH [App. G3.

V, = 0.6F,A, | C, —s (A-G3-2)
1.15{1+(a/h)®

Also see Appendix G4 and G5.

Tension field action is not permitted for end-panelsin non-hybrid plate girders, all
| in hybrid and web-tapered plate girders, and when a/ h exceeds 3.0 or [260/
(h/ t,)]’.|For these cases, the nominal strength is:

Vv, =0.6F,AC, (A-G3-3)
The web plate buckling coefficient k, is given as

5

+ W (A-G3-4)

k,=5
except that k, shall betaken as 5.0 if a/ h exceeds 3.0 or [260/ (h/ t,)] 2.

The shear coefficient C, is determined as follows:

(8 For 1.10 E < E <137 E :
\f Fu U \/ Fu

c o HOVKE/R. (A-G3-5)

Y hit,
(b) For E >1.37 E:
t, F

_ 15KE

= (A-G3-6)
(h/t,)?F,,

TRANSVERSE STIFFENERS

Transversestiffenersare not required in plate girderswhereh /t,, < 245,/E/ Fy,,,
or wheretherequired shear V,, asdetermined by structural analysisfor thefactored
loads, islessthan or equal t0 0.6¢, Fy,, A,C., where C,isdetermined for k,=5and
o,=0.90. Stiffenersmay berequired in certain portions of aplate girder to develop
the required shear or to satisfy the limitations given in Appendix G1. Transverse
stiffeners shall satisfy the requirements of Appendix F2.3.

When designing for tension field action, the stiffener area Aq shall not belessthan
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F, |1
21 0.15Dht,(1-C,) I“/—lsrj_ >0 (A-G4-1)

yst v n

where

F = specified yield stress of the stiffener material, ksi (MPa)
D =1 for stiffeners in pairs

= 1.8 for single angle stiffeners

= 2.4 for single plate stiffeners

C,and V, are defined in Appendix G3, and Vs the required shear at the location of
the stiffener.
G3. FLEXURE-SHEAR INTERACTION

For 066V, <V, <oV, and 0.750M, <M, <M, plate girders with webs de-
signed for tension ficld action shall satisfy the additional flexure-shear interaction

criterion:
M v
L +0.625—<1.375 A-G5-1
¢M7 n ( )
where

M, =nominal flexural strength of plate girder from Appendix G2 or SectionF1
¢ =0.90
17, = nominal shear strength from Appendix G3
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APPENDIX H

MEMBERS UNDER COMBINED FORCES AND TORSION

This appendix provides alternative interaction equations for braced frames with I-shaped
members with b,/ d < 1.0 and box-shaped members.

H3. ALTERNATIVE INTERACTION EQUATIONS FOR MEMBERS UNDER
COMBINED STRESS

For I-shaped members with b,/ d < 1.0 and box-shaped members, the use of the
following interaction equations in lieu of Equations H1-1a and H1-1b is permitted
for braced frames only. Both Equations A-H3-1 and A-H3-2 shall be satisfied.

¢ ¢
M
M ] { ] <10 (A-H3-1)
¢bM X ¢bMHV
n n
C
[me]\{ux j + ny ,uy <1.0 (A'H3'2)
¢szx ¢bMW

The terms in Equations A-H3-1 and A-H3-2 are determined as follows:
(a) For I-shaped members:
Forb, /d <05:

{=10
For05<b, /d <10:
{=16 ks
=16 ———"—— (A-H3-3)
2 nz,/P)]
Forb; /d<03:
n=10
For03<b, /d <10:
b
n= 04+ 00420510 (A-H3-4)
P d

¥
where
b, =flange width, in. (mm)
d =member depth, in. (mm)
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App. H3.] ALTERNATIVE INTERACTION EQUATIONS 113

Cn= coefficient applied to the bending term in the interaction equation for
prismatic members and dependent on column curvature caused by
applied moments, see Section C1.

M/, =1.2M,,[1-(R,/B)]< M, (A-H3-5)
M;, =12M, [1- (R /B)*|<M,, (A-H3-6)

P P

M. =M, |[1-—4 [1- % H3-

L o

P P

M, =M, [1-— | 1- = -H3-
,,y[ (DCPJ[ PJ (A-H3-9)
(b) For box-section members:
{=17 R/,

BT (A-H3-9)

P/P pY
n=17-———-al |2+ | >11 (A-H3-10)

In(R,/R) R
Errata ForP, /Py <[0.4 a=0.06,andb=10;
WA2| - Forp, /P, >[0.4, a=0.15,and b =20:
M/, =12M, [1-R /B <M, (A-H3-11a)
M;, =12M, [1-R /B <M, (A-H3-11b)
ML = M, |1- 8 _i% (A-H3-12)
9P, R, (B/H)
M7, =M, |1~ it 1—iL51,2 (A-H3-13)
¢, Ry (B/H)

where

P, = nominal compressive strength determined in accordance with Section
E2, kips (N)

P, = required axial strength, kips (N)

P, = compressive yield strength AgF,, kips (N)

o, = resistance factor for flexure = 0.90

o, = resistance factor for compression = 0.85

P. = Euler buckling strength AjF, / A, where A. is the column slenderness
parameter defined by Equation E2-4, kips (N)

M, = required flexural strength, kip-in. (N-mm)
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ALTERNATIVE INTERACTION EQUATIONS [App. H3.

M, = nominal flexural strength, determined in accordance with Section F1,
kip-in. (N-mm)

M,= plastic moment < 1.5F, S, kip-in. (N-mm)

A, = column slenderness parameter with respect to the strong axis

B =outside width of box section parallel to major principal axis x, in. (mm)

H =outside depth of box section perpendicular to major principal axis X, in.
(mm)
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APPENDIX J

CONNECTIONS, JOINTS, AND FASTENERS

Appendix J2 .4 provides the alternative design strength for fillet welds. Appendices J3.8
and J3.9 pertain to the design of slip-critical connections using service loads.

J2.

4.

WELDS

Design Strength

Inlieu of the constant design strength for fillet welds given in Table J2.5, the follow-
ing procedure is permitted.

(a) For a linear weld group loaded in-plane through the center of gravity, the

design strength is ¢F;, 4,, ,
where
Fyy = 0.60Fy (1.0+0.50 sin"°6) (A-J2-1)
=0.75
Fryy=clectrode classification number, i.e., minimum specified strength, ksi
(MPa)
0 = angle of loading measured from the weld longitudinal axis, degrees

A, = effective area of weld throat, in.? (mm?)

For weld elements within a weld group that are loaded in-plane and analyzed
using an instantaneous center of rotation method, the components of the design
strength are ¢f,. 4,, and 0F,, A4,,

where
wa = Zszx
E,, =X,

FE,; =060 Fg (1.0+050sin"> 6) f( p)
f(p)=1pL9-0.9p)]*>

o =075

F,; =nominal stress in any ith weld element, ksi (MPa)
F,; = x component of stress F,,

F,, =y component of stress F",,,

p =A;/A,, ratio of element i deformation to its deformation at maxi-
mum stress

A, =0.209(0+2)~"32w, deformation of weld element at maximum stress,
in, (mm)

A; = deformation of weld eclements at intermediate stress levels, linearly
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WELDS [App. 12.

Nominal Tension Stress (F), ksi (MPa)
Fasteners in Bearing-type Connections

TABLE A-J3.1

Description of Fasteners

Threads Excluded from
the Shear Plane

Threads Included in
the Shear Plane

A307 bolts

(Metric)

452 ~6.25¢7
(V3107 - 6.2577 )

A325 bolts

(A325M bolts)

902 — 6.25f2

(\/6212 — 6.25(2 )

902 —4.00f?

(~/ 6212 — 4.0012 )

A490 bolts

(A490M bolts)

V1132 - 6.31f? 11132 — 4.0412

(V7797 - 6.31£2 ) (7797 —4.04£2)

Threaded parts A449 bolts
over 1% in. (38 mm)

J(075F, )% - 6.25£2 J(075F,)? —4.00%2

A502 Gr. 1 rivets

(Metric)

452 576f2
(\/3102 —576f2 )

A502 Gr. 2 rivets

(Metric)

602 - 5.86f2

(V4142 -5.86%7)

TABLE A-J3.2

Slip-Critical Resistance to Shear at Service Loads,

F., ksi (MPa), of High-Strength Bolts™

| Resistance to Shear at Service Loads,|ksi (MPa)

) Long-slotted Holes
Oversized and

Standard Size Short-slotted | Perpendicular to | Parallel to Line
Type of Bolt Holes Holes Line of Force of Force
A325 (A325M) 17 (117) 15 (103) 12 (83) 10 (69)
A490 (A490M) 21 (145) 18 (124) 15 (103) 13 (90)

[a] For each shear plane.
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J3.

8h.

9b.

proportioned to the critical deformation based on distance from the
instantaneous center of rotation, 7;, in. (mm)
= riAu/rcrir

A, =1087(6+6)"% 1 < 017w, deformation of weld element at ultimate
stress (fracture), usually in element furthest from instantaneous cen-
ter of rotation, in. (mm)

w = leg size of the fillet weld, in. (mm)

r.; = distance from instantaneous center of rotation to weld element with

minimum A, / r; ratio, in. (mm)
BOLTS AND THREADED PARTS
Combined Tension and Shear in Bearing-Type Connections

As an alternative to the use of the equations in Table J3.5, the use of the equations in
Table A-J3.1 is permitted.

High-Strength Bolts in Slip-Critical Connections
Slip-Critical Connections Designed at Service Loads

The design resistance to shear per bolt 0F,4, for use at service loads shall equal or
exceed the shear per bolt due to service loads,

where

¢ = 1.0 for standard, oversized, and short-slotted holes and long-slotted holes
when the long slot is perpendicular or parallel to the line of force

F,= slip-critical shear resistance tabulated in Table A-J3.2, ksi (MPa).

The values for F, in Table A-J3.2 are based on Class A surfaces with slip
coefficient L = 0.33. When specified by the designer, the ﬂeﬁa-iﬁa-llslip resis-
tance for connections having special faying surface conditions is permitted
to be adjusted to the applicable values in the RCSC Load and Resistance
Factor Design Specification.

When the loading combination includes wind loads in addition to dead and live
loads, the total shear on the bolt due to combined load effects, at service load, may
be multiplied by 0.75.

Combined Tension and Shear in Slip-Critical Connections
Slip-Critical Connections Designed at Service Loads

When a slip-critical connection is subjected to an applied tension 7 that reduces the
net clamping force, the slip resistance per bolt, 0F,4,, according to Appendix J3.8b
shall be multiplied by the following factor:

- T
08T, N,
where

T, = minimum fastener tension from Table J3.1, kips (N)
N, = number of bolts carrying service-load tension T
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APPENDIX K

CONCENTRATED FORCES, PONDING, AND FATIGUE

Appendix K2 provides an alternative determination of roof stiffness. Appendix K3 per-
tains to the design of members and connections subject to high cyclic loading (fatigue).

K2. PONDING

The provisions of this Appendix are permitted to be used when a more exact deter-
mination of flat roof framing stiffness is needed than that given by the provision of
Section K2 that C,+ 0.9C,<0.25.

For any combination of primary and secondary framing, the stress index is com-

puted as E - fO -
U p= _Lf J for the primary member (A-K2-1)
o —p
Ue= for the secondary member (A-K2-2)
s (0]
where S

f, =thestress due to 1.2D + 1.2R (D = nominal dead load, R = nominal load due
to rain water or ice exclusive of the ponding contribution),* ksi (MPa)

Enter Figure A-K2.1 at the level of the computed stress index U, determined for the
primary beam; move horizontally to the computed C, value of the secondary beams
and then downward to the abscissa scale. The combined stiffness of the primary and
secondary framing is sufficient to prevent ponding if the flexibility constant read
from this latter scale is more than the value of C, computed for the given primary
member; if not, a stiffer primary or secondary beam, or combination of both, is
required. In the above,

2L, L4,
1071,
S04L, L%, )

P

(Metric: C,= 7
P

32814
1071,

s

*Depending upon geographic location, this loading should include such amount of snow as might also be present, although

ponding failures have occurred more frequently during torrential summer rains when the rate of precipitation exceeded the rate
of drainage runoff and the resulting hydraulic gradient over large roof areas caused substantial accumulation of water some
distance from the eaves. A load factor of 1.2 shall be used for loads resulting from these phenomena.
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App. K2.] PONDING 119

g 4
(Meln’c: C, = DOtSL"’ )

where

L,= column spacing in direction of girder (length of primary members), {t (m)

L= column spacing perpendicular to direction of girder (length of secondary
members), ft (m)

S = spacing of sccondary mcmbers, ft (m)

I, = moment of inertia of primary members, in.! (mm®)

I, = moment of inertia of secondary members, in." (mm")

A similar procedure must be followed using Figure A-K2.2.

Roof framing consisting of a series of equally spaced wall-bearing beams is consid-

3.4

II II II
50 ] / / // /
|
0 / / f //
4

2.2 / . /
Q “) /
/8 11Ty / 7
5 1.6 N4 /
. AR )4 /
“ 14 e ALY y

: / )4 // 8 / § //

/| Q / y.

1.2 v A x4

1.0 ,/ '/ 4/ /, //

AT T AT AT T AT T A

0.8 / // / // s

‘ ) A dAlP

0.6 Pl 7 e //'/

0'4 // //// //

0.2 =T

o =171
0 0.1 0.2 0.3 0.4 0.5 0.6 0.7

Upper Limit of Flexibility Constant Cp

Fig A-K2.1. Limiting flexibility coefficient for the primary systems.
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Stress Index Us

PONDING [App. K2.

ered as consisting of secondary members supported on an infinitely stiff primary
member. For this case, enter Figure A-K2.2 with the computed stress index Us. The
limiting value of Cis determined by the intercept of a horizontal line representing
the U, value and the curve for C,=0.

The ponding deflection contributed by a metal deck is usually such a small part of
the total ponding deflection of a roof panel that it is sufficient merely to limit its
moment of inertia (per foot (meter) of width normal to its span) to 0.000025 (3 940)
times the fourth power of its span length. However, the stability against ponding of
a roof consisting of a metal roof deck of relatively slender depth-span ratio, span-
ning between beams supported directly on columns, may need to be checked. This
canbe done using Figure A-K2.1 or A-K2.2 using as C; the flexibility constant fora
one-foot (one-meter) width of the roof deck (S = 1.0).

34

'5/ : / / / / /

52 y » / ] / / /
3.0 7 Ay i
28 N / / / /

. / /
26 / Y, / / / //
2.2 7 Q‘i‘ , »

2.0 ) 7

1.8 // ol

6 7/ )4 / 7
/ VRO, 7 )4

14 A , / / /

’ 4 /| // \— /

. /// / ) / /// N /

10 17 // AT

d // // //
0.6 > S N v N P
0.4 = =
L1
0.2 T
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0 0.1 0.2 0.3 0.4 0.5 0.6 0.7

Upper Limit of Flexibilily Constfant Cs
Fig A-K2.2. Limiting flexibility coefficient for the secondary systems.
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Since the shear rigidity of the web system of steel joists and trusses is less than that
of a solid plate, their moment of inertia shall be taken as 85 percent of their chords.

K3. DESIGN FOR CYCLIC LOADING (FATIGUE)

This appendix applies to members and connections subject to high cycle loading
within the elastic range of stresses of frequency and magnitude sufficient to initiate
cracking and progressive failure (fatigue).

1. General

The provisions of this section apply to stresses calculated on the basis of unfactored
loads. The maximum permitted stress due to unfactored loads is 0.66F).

Stress range is defined as the magnitude of the change in stress due to the
application or removal of the unfactored live load. In the case of a stress reversal, the
stress range shall be computed as the numerical sum of maximum repeated tensile
and compressive stresses or the numerical sum of maximum shearing stresses of
opposite direction at the point of probable crack initiation.

In the case of complete-joint-penctration butt welds, the maximum design stress
range calculated by Equation A-K3.1 applies only to welds with internal soundness
meeting the acceptance requirements of Section 6.12.2 or 6.13.2 of AWS D1.1.

No evaluation of fatigue resistance is required if the live load stress range is less
than the threshold stress range, Fry. See Table A-K3.1.

No evaluation of fatigue resistance is required if the number of cycles of application
of live load is less than 2 x 10*.

The cyclic load resistance determined by the provisions of this appendix is applica-
ble to structures with suitable corrosion protection or subject only to mildly corro-
sive atmospheres, such as normal atmospheric conditions.

The cyclic load resistance determined by the provisions of this appendix is applica-
ble only to structures subject to temperatures not exceeding 300°F (150°C).

The Engineer of Record shall provide either complete details including weld sizes
or shall specify the planned cycle life and the maximum range of moments, shears
and reactions for the connections.

2,  Calculation of Maximum Stresses and Stress Ranges

Calculated stresses shall be based upon elastic analysis. Stresses shall not be ampli-
fied by stress concentration factors for geometrical discontinuities.

For bolts and threaded rods subject to axial tension, the calculated stresses shall
include the effects of prying action, if any.

In the case of axial stress combined with bending, the maximum stresses, of each
kind, shall be those determined for concurrent arrangements of the applied load.

For members having symmetric cross sections, the fasteners and welds shall be
arranged symmetrically about the axis of the member, orthe total stresses including
those due to eccentricity shall be included in the calculation of the stress range.

For axially loaded angle members where the center of gravity of the connecting
welds lies between the line of the center of gravity of the angle cross section and the
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center of the connected leg, the effects of eccentricity shall beignored. If the center
of gravity of the connecting weldsliesoutsidethiszone, thetotal stresses, including
thoseduetojoint eccentricity, shall beincluded inthe calculation of stressrange.

3. Design Stress Range

Therange of stress at service loads shall not exceed the stress range computed as
follows.

(a) For stresscategoriesA, B, B’, C, D, E and E’ thedesign stressrange, Fs, shall
be determined by Equation A-K3.1 or A-K3.1M.

C 0.333
Fg = (ij > Fry (A-K3.1)
Errata 0.333
11/1/02 (Metric: Feg = () 2 Fmy ] (A-K3.1M)

where

F& = Design stressrange, ksi (MPa)
C; = Constant from Table A-K3.1 for the category
N = Number of stressrange fluctuations in design life
= Number of stress range fluctuations per day x 365 x years of design
life
Fy = Threshold fatigue stress range, maximum stress range for indefinite
design life from Table A-K3.1, ksi (MPa)

(b) For stresscategory F, thedesign stressrange, F s, shall be determined by Equa-
tion A-K3.2 or A-K3.2M.

C 0.167
Fg = (Nf) > Fry (A-K3.2)
4 0167
[Metric: Fo = (Cfxﬁxmj > Fry ] (A-K3.2M)

(c) For tension-loaded plate elements connected at their end by cruciform, T- or
corner details with complete-joint-penetration groove welds or partial-joint-
penetration groovewelds, fillet wel ds, or combinations of thepreceding, trans-
verse to the direction of stress, the design stress range on the cross section of
the tension-loaded plate element at the toe of the weld shall be determined as
follows:

Based upon crackinitiation fromthetoe of theweld on thetension loaded plate
element the design stress range, F<, shall be determined by Equation A-K3.1
or A-K3.1M, for Category C which is equal to

g 10333
ng(‘mf\llo ) >10
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) p 68.9]
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Based upon crack initiation from the root of the weld the design stress range,
F<, on the tension loaded plate element using transverse partial -j oint-penetra-
tion groove welds, with or without reinforcing or contouring fillet welds, the
design stress range on the cross section at the toe of the weld shall be deter-
mined by Equation A-K3.3 or A-K3.3M, Category C’ asfollows:

44 x108
N

)O. 333

Fs = RPJP(

[Metric: Fer = Rogp ( N

144 x101"

)

where:

(A-K3.3)

(A-K3.3M)

R-5 = reduction factor for reinforced or non-reinforced transverse partial-
joint-penetration (PJP) joints. Use Category C if Ry = 1.0.

065— o.sg(tza)+ 0 72(‘”)
_ p p
o <10 | =

12— 1.01(t2a)+ 124(""

p
0.167
t P

tp) <10

(Metric)

2a = thelength of the non-wel ded root facein the direction of thethickness

of the tension-loaded plate, in. (mm)

w =the leg size of the reinforcing or contouring fillet, if any, in the
direction of the thickness of the tension-loaded plate, in. (mm)

t, = thickness of tension loaded plate, in.

(mm)

Based upon crackinitiation fromtheroots of a pair of transversefillet weldson
opposite sides of the tension loaded plate element the design stressrange, F,
on the cross section at the toe of the welds shall be determined by Equation

A-K3.4 or A-K3.4M, Category C” asfollows:

)0. 333

44 %108
N

Fx = RFIL(

N

[Metric: FSR :R|:||_(

14.4x101

J)

where

(A-K3.4)

(A-K3.4M)

Rq. = reduction factor for jointsusing apair of transversefillet welds only.

Use Category C if Ry, = 1.0.

0.06+0.72w/tp)
=( t%167 =10

1

010+ 124w/t p)

0.167
t p

j <10
(Metric)
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Bolts and Threaded Parts

The range of stress at service loads shall not exceed the stress range computed as
follows.

(a) Formechanically fastened connections loaded in shear, the maximum range of
stress in the connected material at service loads shall not exceed the design
stress range computed using Equation A-K3.1 where Crand F7 are taken from
Section 2 of Table A-K3.1.

(b) For high-strength bolts, common bolts, and threaded anchor rods with cut,
ground or rolled threads, the maximum range of tensile stress on the net tensile
area from applied axial load and moment plus load due to prying action shall
not exceed the design stress range computed using Equation A-K3.1 or
A-K3.1M. The factor Cyshall be taken as 3.9 x 10° (as for category E’). The
threshold stress, Fyy; shall be taken as 7 ksi (48 MPa) (as for category D). The
net tensile area is given by Equation A-K3.5 and A-K3.6M.

2
4 =g 09743 (A-K3.5)
4 n
(Metric bolts: 4, = %(db ~0.9382P) j (A-K3.6M)

where

P = pitch, mm per thread
d, = the nominal diameter (body or shank diameter), in. (mm)
n = threads per in.

For joints in which the material within the grip is not limited to steel or joints which
are not tensioned to the requirements of Table J3.1 or J3.1M, all axial load and
moment applied to the joint plus effects of prying action (if any) shall be assumed to
be carried exclusively by the bolts or rods.

For joints in which the material within the grip is limited to steel and which are
tensioned to the requirements of Table J3.1 or J3.1M, an analysis of the relative
stiffness of the connected parts and bolts shall be permitted to be used to determine
the tensile stress range in the pretensioned bolts due to the total service live load and
moment plus effects of prying action. Altematively, the stress range in the bolts
shall be assumed to be equal to the stress on the net tensile area due to 20 percent of
the absolute value of the service load axial load and moment from dead, live and
other loads.

Special Fabrication and Erection Requirements

Longitudinal backing bars are permitted to remain in place, and if used, shall be
continuous. If splicing is necessary forlong joints, the bar shall be joined with com-
plete penetration butt joints and the reinforcement ground prior to assembly in the

joint.

In transverse joints subject to tension, backing bars, if used, shall be removed and
the joint back gouged and welded.
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In transverse complete-joint-penctration T- and corner joints, a reinforcing fillet
weld, not less than Y in. (6 mm) in size shall be added at re-entrant corners.

The surface roughness of flame cut edges subject to significant cyclic tensile stress
ranges shall not exceed 1,000 pin. (25 wm), where ASME B46.1 is the reference
standard.

Re-entrant corners at cuts, copes and weld access holes shall form a radius of not
less than 3 in. (10 mm) by pre-drilling or sub-punching and reaming a hole, or by
thermal cutting to form the radius of the cut. If the radius portion is formed by ther-
mal cutting, the cut surface shall be ground to a bright metal surface.

For transverse butt joints in regions of high tensile stress, run-off tabs shall be used
to provide for cascading the weld termination outside the finished joint. End dams
shall not be used. Run-off tabs shall be removed and the end of the weld finished
flush with the edge of the member.

See Section J2.2b Fillet Weld Terminations for requirements for end returns on
certain fillet welds subject to cyclic service loading.
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TABLE A-K3.1
Fatigue Design Parameters

Threshold
F,-,:,
Stress Constant ksi
Description Category Cr (MPa)

Potential Crack
Initiation Point

SECTION 1 — PLAIN MATERIAL AWAY FROM ANY WELDING

1.1 Base metal, except non-coated A 250 x 108 24

weathering steel, with rolled or cleaned (165)
surface. Flame-cut edges with surface
roughness value of 1,000 pin. (25 um)
or less, but without re-entrant corners.

Away from all
welds or struc-
tural connec-
tions

1.2 Non-coated weathering steel base B 120 x 108 16
metal with rolled or cleaned surface. (110)
Flame-cut edges with surface
roughness value of 1,000 pin. (25 um)
or less, but without re-entrant corners.

Away from all
welds or struc-
tural connec-
tions

1.3 Member with drilled or reamed B 120 x 108 16
holes. Member with re-entrant corners (110)
at copes, cuts, block-outs or other
geometrical discontinuities made to
requirements of Appendix K3.5, except
weld access holes.

At any external
edge or at hole
perimeter

1.4 Rolled cross sections with weld C 44 x 108 10
access holes made to requirements of (69)
Section J1.6 and Appendix K3.5.
Members with drilled or reamed holes
containing bolts for attachment of light
bracing where there is a small
longitudinal component of brace force.

At re-entrant
corner of weld
access hole or
at any small hole
(may contain
bolt for minor
connections)

SECTION 2 — CONNECTED MATERIAL IN MECHANICALLY FASTENED JOINTS

2.1 Gross area of base metal in lap B 120 x 108 16
joints connected by high-strength bolts (110)
in joints satisfying all requirements for
slip-critical connections.

Through gross
section near
hole

2.2 Base metal at net section of B 120 x 108 16
high-strength bolted joints, designed on (110)
the basis of bearing resistance, but
fabricated and installed to all require-
ments for slip-critical connections.

In net section
originating at
side of hole

2.3 Base metal at the net section of D 22 x 108 7
other mechanically fastened joints (48)
except eye bars and pin plates.

In net section
originating at
side of hole

2.4 Base metal at net section of E 11x 108 4.5
eyebar head or pin plate. @1

In net section
originating at
side of hole
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TABLE A-K3.1 (Cont'd)
Fatigue Design Parameters

lllustrative Typical Examples

SECTION 1 - PLAIN MATERIAL AWAY FROM ANY WELDING

1.1and 1.2

13

14

SECTION 2 - CONNECTED MATERIAL IN MECHANICALLY FASTENED JOINTS

2.1
—
TE\ 1 2 Ve ()
.‘ﬂi“ LS |.|
2.2
e 2
e (©
) e mlll
2.3
— ,
A gy PR T&N
2.4
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DESIGN FOR CYCLIC LOADING (FATIGUE)

[App. K3.

TABLE A-K3.1 (Contd)
Fatigue Design Parameters

Threshold
Fry
Stress Constant ksi Potential Crack
Description Category C; (MPa) Initiation Point
SECTION 3 — WELDED JOINTS JOINING COMPONENTS OF BUILT-UP MEMBERS
3.1 Base metal and weld metal in B 120 x 108 16 From surface or
members without attachments built-up (110) internal
of plates or shapes connected by discontinuities in
continuous longitudinal complete-joint- weld away from
penetration groove welds, back gouged end of weld
and welded from second side, or by
continuous fillet welds.
3.2 Base metal and weld metal in B’ 61x 108 12 From surface or
members without attachments built-up (83) internal
of plates or shapes, connected by discontinuities in
continuous longitudinal complete weld, including
penetration groove welds with backing weld attaching
bars not removed, or by continuous backing bars
partial-joint-penetration groove welds.
3.3 Base metal and weld metal D 22 x 108 7 From the weld
termination of longitudinal welds at weld (48) termination into
access holes in connected built-up the web or flange
members.
3.4 Base metal at ends of longitudinal E 11x 108 45 In connected
intermittent fillet weld segments. 31) material at start
and stop loca-
tions of any weld
deposit
3.5 Base metal at ends of partial length In flange at toe
welded coverplates narrower than the of end weld orin
flange having square or tapered ends, flange at
with or without welds across the ends of termination of
coverplates wider than the flange with longitudinal weld
welds across the ends. or in edge of
Flange thickness < 0.8 in. (20 mm) E 11x 108 45 flange with wide
31 coverplates
Flange thickness > 0.8 in. (20 mm) E’ 3.9x 108 26
(18)
3.6 Base metal at ends of partial length E’ 3.9x 108 26 In edge of flange
welded coverplates wider than the (18) at end of
flange without welds across the ends. coverplate weld
SECTION 4 — LONGITUDINAL FILLET WELDED END CONNECTIONS
4.1 Base metal at junction of axially Initiating from
loaded members with longitudinally end of any weld
welded end connections. Welds shall be termination
on each side of the axis of the member extending into
to balance weld stresses. the base metal
t< Yrin. (13 mm) E 11x 108 45
(€3
t> }-in. (13 mm) E’ 3.9x 108 26
(18)
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TABLE A-K3.1 (Cont'd)
Fatigue Design Parameters

lllustrative Typical Examples
SECTION 3 - WELDED JOINTS JOINING COMPONENTS OF BUILT-UP MEMBERS

3.1
3.2
3.3
3.4
3.5
3.6
SECTION 4 - LONGITUDINAL FILLET WELDED END CONNECTIONS
4.1

t = thickness

- — t = thickness
—
(@) % b % Divg
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DESIGN FOR CYCLIC LOADING (FATIGUE)

[App. K3.

TABLE A-K3.1 (Contd)
Fatigue Design Parameters

Description

Stress
Category

Constant
Cr

Threshold
F,-,:,
ksi

(MPa)

Potential
Crack
Initiation Point

SECTION 5 - WELDED JO

INTS TRANSVERSE TO DI

RECTION OF STRESS

5.1 Base metal and weld metal in or B 120 x 108 16 From internal
adjacent to complete joint penetration (110) discontinuities
groove welded splices in rolled or in filler metal or
welded cross sections with welds along the
ground essentially parallel to the fusion
direction of stress. boundary
5.2 Base metal and weld metal in or From internal
adjacent to complete joint penetration discontinuities
groove welded splices with welds in filler metal or
ground essentially parallel to the along fusion
direction of stress at transitions in boundary or at
thickness or width made on a slope no start of transi-
greater than 8 to 20%. tionwhen F, 2
F, < 90 ksi (620 MPa) B 120 x 108 16 90 ksi (620
(110) MPa)
F, 2 90 ksi (620 MPa) B 61x 108 12
(83)
5.3 Base metal with F, equal to or B 120 x 108 16 From internal
greater than 90 ksi (620 MPa) and (110) discontinuities
weld metal in or adjacent to complete in filler metal or
joint penetration groove welded splices discontinuities
with welds ground essentially parallel along the
to the direction of stress at transitions fusion
in width made on a radius of not less boundary
than 2 ft. (600 mm) with the point of
tangency at the end of the groove
weld.
5.4 Base metal and weld metal in or Cc 44 x 108 10 From surface
adjacent to the toe of complete joint (69) discontinuity at
penetration T or corner joints or toe of weld
splices, with or without transitions in extending into
thickness having slopes no greater base metal or
than 8 to 20%, when weld reinforce- along fusion
ment is not removed. boundary.
5.5 Base metal and weld metal at Initiating from
transverse end connections of ten- geometrical
sion-loaded plate elements using par- discontinuity at
tial joint penetration butt or T or corner toe of weld
joints, with reinforcing or contouring extending into
fillets, F,, shall be the smaller of the base metal or,
toe crack or root crack stress range. initiating at
Crack initiating from weld toe: (o} 44 x 108 10 Y"e'd root S.Ub'
(69) ject to Fensmn
extending up
and then out
Crack initiating from weld root: c’ Egn. A-K3.3 None through weld
or A-K3.3M provided
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TABLE A-K3.1 (Contd)
Fatigue Design Parameters

lllustrative Typical Examples

SECTION 5 — WELDED JOINTS TRANSVERSE TO DIRECTION OF STRESS

31 N CP- Finigh =
r ¥
(a) (b)
52
(@) () (©
F,> 90 ksi (620 MPa)
Cat.B’
53
() (©
F, 290 ksi (620 MPa)
Cat.B’
5.4 ite for potential cra
e [
°.
G () © @
55

Pyp Cite for potential crack 'y
\\ initiation due to bending .Qﬂ, t*

-~ P @ tensile sirej & (d)_
et
: o
C,
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DESIGN FOR CYCLIC LOADING (FATIGUE)

[App. K3.

TABLE A-K3.1 (Contd)
Fatigue Design Parameters

Threshold
Fry
Stress Constant ksi Potential Crack
Description Category Cr (MPa) Initiation Point
SECTION 5 — WELDED JOINTS TRANSVERSE TO DIRECTION OF STRESS (cont’d)

5.6 Base metal and filler metal at
transverse end connections of
tension-loaded plate elements using a
pair of fillet welds on opposite sides of
the plate. F, shall be the smaller of
the toe crack or root crack stress
range.

Initiating from geo-
metrical disconti-
nuity at toe of weld
extending into
base metal or,
initiating at weld
root subject to

rolled beam webs or flanges at toe of
transverse fillet welds adjacent to
welded transverse stiffeners.

Crack initiating from weld toe: C 44 x 108 10 tension extending
(69) up and then out
o through weld

Crack initiating from weld root: c” Eqn. None

A-K3.4 or provided

A-K3.4M
5.7 Base metal of tension loaded C 44 x 108 10 From geometrical
plate elements and on girders and (69) discontinuity at toe

of fillet extending
into base metal

SECTION 6 — BASE METAL AT WELDED TRANSVERSE MEMBER CONNECTIONS

6.1 Base metal at details attached by
complete joint penetration groove
welds subject to longitudinal loading
only when the detail embodies a
transition radius R with the weld
termination ground smooth.

R 224 in. (600 mm)
24in.>R261in.
(600 mm > R 2 150 mm)

6in.>R22in.
(150 mm > R 2 50 mm)

2in. (50 mm)> R

120 x 10®

44 % 108

22 x 108

11 x108

16
(110)

10
(69)

(48)

45
31

Near point of
tangency of radius
at edge of member

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION




App. K3.] DESIGN FOR CYCLIC LOADING (FATIGUE)

133

TABLE A-K3.1 (Contd)
Fatigue Design Parameters

lllustrative Typical Examples

SECTION 5 — WELDED JOINTS TRANSVERSE TO DIRECTION OF STRESS (cont'd)

56
Potential cracking
due o bending _F\IL_
tensile stress
[
- © ] ]
b C
(b) 1.0
57
[l )
dlz iz
(a) (b) (C) timmaterial »C
SECTION 6 — BASE METAL AT WELDED TRANSVERSE MEMBER CONNECTIONS
6.1

(a) R e (b) R b
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[App. K3.

TABLE A-K3.1 (Contd)
Fatigue Design Parameters

Description

Stress
Category

Constant
C;

Threshold
F,-,:,
ksi

(MPa)

Potential Crack
Initiation Point

SECTION 6 — BASE METAL AT WE

LDED TRANSVERSE MEMBER CONNECTIONS (cont'd)

6.2 Base metal at details of equal
thickness attached by complete joint
penetration groove welds subject to
transverse loading with or without
longitudinal loading when the detail
embodies a transition radius R with the
weld termination ground smooth:

When weld reinforcement is removed:

R 224 in. (600 mm) B 120 x 108 16 Near points of
(110) tangency of
radius or in the
24in.> R26in. c 44108 10 weld or at fusion
(600 mm > 150 mm) ®9) boundary or
member or
attachment
6in.>R22in. D 22 x 10® 7
(150 mm > R 2 50 mm) (48)
2in. (50 mm) >R E 11 x 108 45
(€3
When weld reinforcement is not At toe of the
removed: weld either
R224in. (600 mm) c 44108 10 along edge of
(69) member or the
attachment
24in.>R26in. C 44 % 10® 10
(600 mm > R 2 150 mm) (69)
6in.>R22in. D 22 x 10® 7
(150 mm > R 2 50 mm) (48)
2in. (60 mm) >R E 11 x 108 45
@1
6.3 Base metal at details of unequal
thickness attached by complete joint
penetration groove welds subject to
transverse loading with or without longi-
tudinal loading when the detail embod-
ies a transition radius R with the weld
termination ground smooth.
When weld reinforcement is removed:
R>2in. (60 mm) D 22 x108 7 At toe of weld
(48) along edge of
thinner material
R<2in. (50 mm) E 11 x 108 4.5 In weld termina-
31) tion in small
radius
When reinforcement is not removed: At toe of weld
Any radius E 11 % 108 45 along edge of
@n thinner material
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TABLE A-K3.1 (Contd)
Fatigue Design Parameters

lllustrative Typical Examples

SECTION 6 — BASE METAL AT WELDED TRANSVERSE MEMBER CONNECTIONS (cont'd)

6.2

\%&\ TN

(d)

G

6.3

G

@ 7

‘\ CJP i
&R — ©
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DESIGN FOR CYCLIC LOADING (FATIGUE)

[App. K3.

TABLE A-K3.1 (Cont'd)
Fatigue Design Parameters

Threshold
FTH
Stress Constant Ksi Potential Crack
Description Category G (MPa) Initiation Point
SECTION 6 — BASE METAL AT WELDED TRANSVERSE MEMBER CONNECTIONS (cont'd)
6.4 Base metal subject to longitudinal In weld termination
stress at transverse members, with or or from the toe of
without transverse stress, attached by the weld extending
fillet or partial penetration groove welds into member
parallel to direction of stress when the
detail embodies a transition radius, R,
with weld termination ground smooth:
R>2in. (50 mm) D 22 x 108 7
(48)
R <2in. (50 mm) E 11 x 108 45
(31)

SECTION 7 — BASE METAL AT SHORT ATTACHMENTS'

7.1 Base metal subject to longitudinal
loading at details attached by fillet welds
parallel or transverse to the direction
of stress where the detail embodies no
transition radius and with detail length in
direction of stress, a, and attachment
height normal to surface of member, b:

In the member at
the end of the
weld

a<2in. (50 mm) C 44 % 108 10
(69)
2in. (50 mm)<a<12b D 22 x 108 7
or4in (100 mm) (48)
a>12bor 4 in. (100 mm) E 11 x 108 45
when bis < 1in. (25 mm) 31)
a>12bor4in. (100 mm) E’ 3.9x 108 2.6
when b is > 1 in. (25 mm) (18)
7.2 Base metal subject to longitudinal In weld termination
stress at details attached by fillet or extending into
partial joint penetration groove welds, member
with or without transverse load on
detail, when the detail embodies a
transition radius, R, with weld
termination ground smooth:
R >2in. (50 mm) D 22 x 108 7
(48)
R <2in. (50 mm) E 11 x 108 45
(31)

thus reduces the fatigue resistance.

1 “Attachment” as used herein, is defined as any steel detail welded to a member which, by its mere
presence and independent of its loading, causes a discontinuity in the stress flow in the member and
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TABLE A-K3.1 (Contd)
Fatigue Design Parameters

lllustrative Typical Examples

SECTION 6 — BASE METAL AT WELDED TRANSVERSE MEMBER CONNECTIONS (cont'd)

6.4
or.
- ~Pp - B (C)
(a) R R (0) Y
R
SECTION 7 — BASE METAL AT SHORT ATTACHMENTS'
71
7.2
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TABLE A-K3.1 (Contd)
Fatigue Design Parameters

Threshold
Pry .
Stress Constant Ksi Potential Crack
Description Category Cr (MPa) Initiation Point
SECTION 8 - MISCELLANEOQOUS
8.1 Base metal at stud-type shear C 44 % 108 10 At toe of weld in
connectors attached by fillet or (69) base metal
electric stud welding.
8.2 Shear on throat of continuous or F 150 x 100 8 In throat of weld
intermittent longitudinal or transverse (Eqn (55)
fillet welds. 1
A-K3.2 or
A-K3.2M)
8.3 Base metal at plug or slot welds. E 11 x 108 45 At end of weld in
31) base metal
8.4 Shear on plug or slot welds. F 150 % 10'° 8 At faying surface
(Eqn. (55)
A-K3.2 or
A-K3.2M)
8.5 Not fully-tightened high-strength E’ 3.9x% 108 7 At the root of the
bolts, common bolts, threaded anchor (48) threads extending
rods and hanger rods with cut, ground into the tensile
or rolled threads. Stress range on stress area
tensile stress area due to live load
plus prying action when applicable.
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TABLE A-K3.1 (Contd)
Fatigue Design Parameters

lllustrative Typical Examples
SECTION 8 - MISCELLANEQUS

8.1
8.2
‘\
a T
@ A
\ \
ey =
S l‘ -y A=V /7A=Y —>
(@) — ®)
8.4
8.5
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NUMERICAL VALUES

TABLE 1
Design Strength as a Function of F,

F, Design Stress, ksi (MPa)
ksi (MPa) 0.9x 0.6 F,[a] 0.85 F, [b] 0.90 F [c]
33 (230) 17.8 (124) 28.1 (196) 29.7 (207)
35 (240) 18.9 (130) 29.8 (204) 31.5(216)
36 (250) 19.4 (135) 30.6 (213) 32.4 (225)
40 (275) 21.6 (149) 34.0 (234) 36.0 (248)
42 (290) 22.7 (157) 35.7 (247) 37.8 (261)
45 (310) 243 (167) 38.3 (264) 40.5 (279)
46 (317) 248 (171) 39.1 (269) 41.4 (285)
50 (345) 27.0 (186) 42.5 (293) 45.0 (311)
55 (380) 29.7 (205) 46.8 (323) 49.5 (342)
60 (415) 32.4 (224) 51.0 (353) 54.0 (374)
65 (450) 35.1 (243) 55.3 (383) 58.5 (405)
70 (485) 37.8 (262) 59.5 (412) 63.0 (437)
90 (620) 48.6 (335) 76.5 (527) 81.0 (558)
100 (690) 54.0 (373) 85.0 (587) 90.0 (621)

[a] See Section F2, Equation F2-1
[b] See Section E2, Equation E2-1
[c] See Section D1, Equation D1-1
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Design Strength as a Function of F,
Design Strength, ksi (MPa)
Connected Part
of Designated Bolt or Threaded Part of
Steel Designated Steel
Tension | Bearing | Tension Shear Shear
ASTM 3 F, F, 0.75 x 0.75 x 0.75 x 0.76 x 0.75 x
E Desig- i Ksi Ksi F, 24 F, 0.75 F, 040 F, 0.50 F,
= nation o (MPa) (MPa) [a] [b] [c] [d] [e]
A36/A36M - 36 58-80 435 104 32.6 17.4 21.8
(250) |(400-500)| (300) (720) (225) (120) (150)
A53 - 35 60 45.0 108 - - -
(240) (415) 311) (747) - - -
" - 50 70 525 126 39.4 21.0 26.3
£ A242IA242M (345) (485) (364) (873) (273) (146) (182)
_g' A588/A588M 42 63 47.3 113 35.4 18.9 232
g (290) (435) (326) (783) (245) (131) (163)
§ 20 60 45.0 108 33.8 18.0 225
£ (275) (415) 311) (747) (233) (125) (156)
) A500 - 33/39 [f] 45 33.8 81.0 - - -
.CE” (230/269) | (310) (233) (558) - - -
5 42/46 [f] 58 435 104 - - -
'_; (290/315) | (400) (300) (720) - - -
& 46/50 [f] 62 46.5 112 - - -
‘g (315/345) | (427) (320) (769) - - -
& A501 - 36 58 435 104 - - -
& (250) (400) (300) (720) - - -
5]
o | A514/A514M - 100 110-130 825 198 61.9 33.0 413
§ (690) |(760-895)| (570) (1370) (428) (228) (285)
E 90 100-130 75.0 180 56.3 30.0 375
o (620) |(690-895)| (518) (1240) (388) (207) (259)
qé- A529/A529M - 50 70-100 525 126 39.4 21.0 26.3
S (345) |(485-690)| (364) (873) (273) (146) (182)
55 70-100 52.5 126 39.4 21.0 26.3
(380) |(485-690)| (364) (873) (273) (146) (182)
A570/A570M - 40 55 413 99.0 - - -
(275) (380) (285) (684) - - -
42 58 435 104 - - -
(290) (400) (300) (720) - - -
A572/A572M | 42 42 60 45.0 108 33.8 18.0 225
(290) (290) (415) 311) (747) (233) (125) (156)
50 50 65 48.8 117 36.6 19.5 242
(345) (345) (450) (338) (810) (253) (135) (169)
55 55 70 525 126 39.4 21.0 26.3
(380) (380) (485) (364) (873) (273) (146) (182)
60 60 75 56.3 135 42.2 225 28.1
(415) (415) (520) (390) (936) (293) (156) (195)
65 65 80 60.0 144 45.0 240 30.0
(450) (450) (550) (413) (990) (309) (165) (206)
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TABLE 2 (contd)

Design Strength as a Function of F,

Design Strength, ksi (MPa)
Connected Part
of Designated Bolt or Threaded Part of
Steel Designated Steel
Tension | Bearing | Tension Shear Shear
ASTM 3 F, F, 0.75 x 0.75 x 0.75 x 0.76x | 0.75x
E Desig- i Ksi Ksi F, 24 F, 075 F, 040 F, |0.50 F,
= nation o (MPa) (MPa) [a] [b] [c] [d] [e]
AB06 - 45 65 48.8 117 - - -
(310) (450) (338) 810) - - -
50 70 525 126 - - -
(345) (485) (364) 873) - - -
AB07 - 45 60 45.0 108 - - -
(310) (415) 311) (747) - - -
50 65 48.8 117 - - -
£ (345) (450) (338) 810) - - -
3 55 70 525 126 - - -
E (380) (485) (364) 873) - - -
3 60 75 56.3 135 - - -
E (415) (520) (390) (936) - - -
5 65 80 60.0 144 - - -
o (450) (550) (413) (990) - - -
5 70 85 63.8 153 - - -
= (485) (585) (439) (1050) - - -
g AB18 - 50 70 525 126 - - -
% (345) (485) (364) 873) - - -
2 50 65 48.8 17 - - -
"’”’, (345) (450) (388) 810) - - -
g A913/A913M | 50 50 65 48.8 117 36.6 19.5 24.4
g',' (345) (345) (450) (338) 810) (253) (135) (169)
b1 60 60 75 56.3 135 422 225 28.1
o (415) (415) (520) (390) (936) (293) (156) (195)
] 65 65 80 60.0 144 45.0 24.0 30.0
E (450) (450) (550) (413) (990) (309) (165) (206)
0 70 70 90 67.5 162 50.6 27.0 33.8
(485) (485) (620) (465) (1120) (349) (186) (233)
A992/A992M - 50 to 65 65 48.8 117 36.6 19.5 24.4
(345 to 450)| (450) (338) 810) (253) (135) (169)
A449 - 92 120 - - 675 36.0 45.0
(635) (825) _ - (464) (248) (309)
@l 81 105 - - 59.1 315 39.4
g (560) (725) _ - (408) (218) 272)
58 90 - 50.6 27.0 33.8
(400) (620) - - (349) (186) (233)

[a] On effective net area, see Sections D1, J5.2.

[b] Produced by fastener in shear, see Section J3.10. Note that smaller maximum design bearing stresses, as

a function of hole type spacing, are given.

[c] On nominal body area, see Table J3.2.

[d] Threads not excluded from shear plane, see Table J3.2.
[e] Threads excluded from shear plane, see Table J3.2.

[fl Smaller value for circular shapes, larger for square or rectangular shapes.

Note: For dimensional and size limitations, see the appropriate ASTM Specification.
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Design Stress for Compression Members of
; v ; % a
36 ksi Specified Yield Stress Steel, ¢, = 0.85"
& (DCF er & (DCF cr & (DCF cr & (DCF cr & (DCF er
r ksi r ksi r ksi r ksi r ksi
1 30.6 41 28.0 81 21.7 121 14.2 161 8.23
2 30.6 42 27.9 82 215 122 14.0 162 8.13
3 30.6 43 27.8 83 21.3 123 13.8 163 8.03
4 30.6 44 27.6 84 211 124 13.6 164 7.93
5 30.6 45 275 85 20.9 125 13.4 165 7.84
6 30.5 46 27.4 86 20.7 126 13.3 166 7.74
7 30.5 47 27.2 87 205 127 131 167 7.65
8 30.5 48 271 88 20.4 128 12.9 168 7.56
9 30.5 49 27.0 89 20.2 129 12.7 169 7.47
10 30.4 50 26.8 90 20.0 130 12.6 170 7.38
11 30.4 51 26.7 91 19.8 131 12.4 171 7.30
12 30.4 52 26.5 92 19.6 132 12.2 172 7.21
13 30.3 53 26.4 93 19.4 133 121 173 713
14 30.3 54 26.3 94 19.2 134 11.9 174 7.05
15 30.2 55 26.1 95 19.0 135 11.7 175 6.97
16 30.2 56 259 96 18.8 136 11.5 176 6.89
17 30.1 57 25.8 97 18.7 137 11.4 177 6.81
18 30.1 58 256 98 18.5 138 11.2 178 6.73
19 30.0 59 255 99 18.3 139 11.0 179 6.66
20 30.0 60 25.3 100 18.1 140 10.9 180 6.59
21 29.9 61 25.2 101 17.9 141 10.7 181 6.51
22 29.8 62 25.0 102 17.7 142 10.6 182 6.44
23 29.8 63 24.8 103 17.5 143 10.4 183 6.37
24 26.7 64 247 104 17.3 144 10.3 184 6.30
25 29.6 65 24.5 105 171 145 10.2 185 6.23
26 295 66 243 106 16.9 146 10.0 186 6.17
27 295 67 242 107 16.8 147 9.87 187 6.10
28 29.4 68 24.0 108 16.6 148 9.74 188 6.04
29 293 69 23.8 109 16.4 149 9.61 189 597
30 29.2 70 23.6 110 16.2 150 9.48 190 5.91
31 291 71 235 111 16.0 151 9.36 191 5.85
32 29.0 72 23.3 112 15.8 152 9.23 192 5.79
33 28.9 73 231 113 15.6 153 9.1 193 5.73
34 28.8 74 229 114 15.4 154 9.00 194 5.67
35 28.7 75 22.8 115 15.3 155 8.88 195 5.61
36 28.6 76 226 116 151 156 8.77 196 5.55
37 28.5 77 22.4 117 14.9 157 8.66 197 5.50
38 28.4 78 222 118 14.7 158 8.55 198 5.44
39 28.3 79 22.0 119 14.5 159 8.44 199 5.39
40 281 80 21.9 120 14.3 160 8.33 200 5.33

[a] When element width-to-thickness ratio exceeds % , see Appendix B5.3.
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TABLE 3-36M

Design Stress for Compression Members of
250 MPa Specified Yield Stress Steel, ¢, = 0.85F

& (DCF er & (DCF cr & (DCF cr & (DCF cr & (DCF er
r MPa r MPa r MPa r MPa r MPa
1 212 41 194 81 150 121 97.8 161 56.8
2 212 42 194 82 149 122 96.5 162 56.1
3 212 43 193 83 147 123 953 163 55.4
4 212 44 192 84 146 124 941 164 547
5 212 45 191 85 145 125 92.8 165 541
6 212 46 190 86 144 126 916 166 53.4
7 212 47 189 87 142 127 904 167 52.8
8 212 48 188 88 141 128 89.2 168 521
9 212 49 187 89 140 129 88.0 169 515

10 211 50 186 90 138 130 86.8 170 50.9

11 21 51 185 91 137 131 85.6 171 50.3

12 21 52 184 92 136 132 84.4 172 49.7

13 21 53 183 93 134 133 83.2 173 49.2

14 210 54 182 94 133 134 82.0 174 48.6

15 210 55 181 95 132 135 80.7 175 48.1

16 210 56 180 96 130 136 79.6 176 475

17 209 57 179 97 129 137 78.4 177 47.0

18 209 58 178 98 128 138 77.3 178 46.4

19 208 59 177 99 126 139 76.2 179 45.9

20 208 60 176 100 125 140 75.1 180 45.4

21 208 61 174 101 124 141 74.0 181 449

22 207 62 173 102 122 142 73.0 182 44.4

23 207 63 172 103 121 143 72.0 183 43.9

24 206 64 171 104 120 144 71.0 184 43.5

25 206 65 170 105 118 145 70.0 185 43.0

26 205 66 169 106 117 146 69.0 186 425

27 204 67 168 107 116 147 68.1 187 421

28 204 68 166 108 115 148 67.2 188 41.6

29 203 69 165 109 113 149 66.3 189 41.2

30 203 70 164 110 112 150 65.4 190 40.8

31 202 71 163 111 111 151 64.5 191 40.3

32 201 72 161 112 109 152 63.7 192 39.9

33 201 73 160 113 108 153 62.9 193 395

34 200 74 159 114 107 154 62.1 194 39.1

35 199 75 158 115 105 155 61.3 195 38.7

36 198 76 156 116 104 156 60.5 196 38.3

37 198 77 155 117 103 157 59.7 197 379

38 197 78 154 118 102 158 58.9 198 375

39 196 79 153 119 100 159 58.2 199 37.2

40 195 80 151 120 99.1 160 57.5 200 36.8

[a] When element width-to-thickness ratio exceeds 4, , see Appendix B5.3.
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Design Stress for Compression Members of
; = ; . .
50 ksi Specified Yield Stress Steel, ¢, = 0.85"!
& ¢chr & ¢chr & ¢chr & ¢chr & ¢chr
r ksi r ksi r ksi r ksi r ksi
1 425 41 37.6 81 26.3 121 146 161 8.23
2 425 42 37.4 82 26.0 122 143 162 8.13
3 425 43 371 83 257 123 141 163 8.03
4 425 44 36.9 84 25.4 124 13.9 164 7.93
5 42.4 45 36.7 85 25.1 125 13.7 165 7.84
6 42.4 46 36.4 86 248 126 13.4 166 7.74
7 42.4 47 36.2 87 24.4 127 13.2 167 7.65
8 423 48 35.9 88 241 128 13.0 168 7.56
9 423 49 35.7 89 23.8 129 12.8 169 7.47
10 42.2 50 35.4 90 23.5 130 12.6 170 7.38
11 421 51 351 91 23.2 131 12.4 171 7.30
12 421 52 34.9 92 229 132 12.3 172 7.21
13 42.0 53 34.6 93 226 133 121 173 713
14 41.9 54 34.3 94 223 134 11.9 174 7.05
15 41.8 55 34.1 95 22.0 135 11.7 175 6.97
16 a41.7 56 33.8 96 21.7 136 11.5 176 6.89
17 41.6 57 33.5 97 21.4 137 11.4 177 6.81
18 41.5 58 33.2 98 211 138 11.2 178 6.73
19 41.4 59 33.0 99 20.8 139 11.0 179 6.66
20 41.3 60 32.7 100 20.5 140 10.9 180 6.59
21 41.2 61 32.4 101 20.2 141 10.7 181 6.51
22 41.0 62 321 102 19.9 142 10.6 182 6.44
23 40.9 63 31.8 103 19.6 143 10.4 183 6.37
24 40.8 64 315 104 19.3 144 10.3 184 6.30
25 40.6 65 31.2 105 19.0 145 10.2 185 6.23
26 40.5 66 30.9 106 18.7 146 10.0 186 6.17
27 40.3 67 30.6 107 18.4 147 9.87 187 6.10
28 401 68 30.3 108 18.1 148 9.74 188 6.04
29 40.0 69 30.0 109 17.8 149 9.61 189 597
30 39.8 70 29.7 110 17.6 150 9.48 190 5.91
31 39.6 71 29.4 111 17.3 151 9.36 191 5.85
32 39.4 72 291 112 17.0 152 9.23 192 5.79
33 39.3 73 28.8 113 16.7 153 9.11 193 5.73
34 39.1 74 28.5 114 16.4 154 9.00 194 5.67
35 38.9 75 28.2 115 16.1 155 8.88 195 5.61
36 38.7 76 27.9 116 15.9 156 8.77 196 5.55
37 38.5 77 27.6 117 15.6 157 8.66 197 5.50
38 38.2 78 27.2 118 15.3 158 8.55 198 5.44
39 38.0 79 26.9 119 151 159 8.44 199 5.39
40 37.8 80 26.6 120 14.8 160 8.33 200 5.33

[a] When element width-to-thickness ratio exceeds A, ,see Appendix B5.3.
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TABLE 3-50M

Design Stress for Compression Members of
345 MPa Specified Yield Stress Steel, ¢, = 0.85F

& ¢chr & ¢chr & ¢chr & ¢chr & ¢chr
r MPa r MPa r MPa r MPa r MPa
1 293 41 259 81 181 121 101 161 56.8
2 293 42 258 82 179 122 98.9 162 56.1
3 293 43 256 83 177 123 97.3 163 55.4
4 293 44 255 84 175 124 95.7 164 547
5 293 45 253 85 173 125 94.2 165 54.1
6 292 46 251 86 171 126 927 166 53.4
7 292 47 249 87 169 127 91.2 167 52.8
8 292 48 248 88 166 128 89.8 168 521
9 292 49 246 89 164 129 88.4 169 515
10 291 50 244 90 162 130 87.1 170 50.9
11 291 51 242 91 160 131 85.7 171 50.3
12 290 52 241 92 158 132 845 172 49.7
13 290 53 239 93 156 133 83.2 173 49.2
14 289 54 237 94 154 134 82.0 174 48.6
15 288 55 235 95 152 135 80.7 175 48.1
16 288 56 233 96 149 136 79.6 176 475
17 287 57 231 97 147 137 78.4 177 47.0
18 286 58 229 98 145 138 77.3 178 46.4
19 286 59 227 99 143 139 76.2 179 45.9
20 285 60 225 100 141 140 75.1 180 45.4
21 284 61 223 101 139 141 74.0 181 449
22 283 62 221 102 137 142 73.0 182 44.4
23 282 63 219 103 135 143 72.0 183 43.9
24 281 64 217 104 133 144 71.0 184 43.5
25 280 65 215 105 131 145 70.0 185 43.0
26 279 66 213 106 129 146 69.0 186 425
27 278 67 211 107 127 147 68.1 187 421
28 277 68 209 108 125 148 67.2 188 41.6
29 276 69 207 109 123 149 66.3 189 41.2
30 275 70 205 110 121 150 65.4 190 40.8
31 273 71 203 111 119 151 64.5 191 40.3
32 272 72 201 112 117 152 63.7 192 39.9
33 271 73 199 113 115 153 62.9 193 395
34 269 74 196 114 113 154 62.1 194 39.1
35 268 75 194 115 111 155 61.3 195 38.7
36 267 76 192 116 109 156 60.5 196 38.3
37 265 77 190 117 107 157 59.7 197 37.9
38 264 78 188 118 106 158 58.9 198 375
39 262 79 186 119 104 159 58.2 199 37.2
40 261 80 184 120 102 160 57.5 200 36.8

[a] When element width-to-thickness ratio exceeds A, , see Appendix B5.3.
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Values of o, F.,/ F,, $,=0.85
for Determining Design Stress for Compression
H a
Members for Steel of Any Yield Stress®

ko ocFerlFy Ao ocFerlFy Ao ocFerlF ko ocFerlFy
0.02 0.850 0.82 0.641 1.62 0.284 2.42 0.127
0.04 0.849 0.84 0.632 1.64 0.277 2.44 0.125
0.06 0.849 0.86 0.623 1.66 0.271 2.46 0.123
0.08 0.848 0.88 0.614 1.68 0.264 2.48 0.121
0.10 0.846 0.90 0.605 1.70 0.258 2.50 0.119
0.12 0.845 0.92 0.596 1.72 0.252 2.52 0.117
1.04 0.843 0.94 0.587 1.74 0.246 2.54 0.116
0.16 0.841 0.96 0.578 1.76 0.241 2.56 0.114
0.18 0.839 0.98 0.568 1.78 0.235 2.58 0.112
0.20 0.836 1.00 0.559 1.80 0.230 2.60 0.110
0.22 0.833 1.02 0.550 1.82 0.225 2.62 0.109
0.24 0.830 1.04 0.540 1.84 0.220 2.64 0.107
0.26 0.826 1.06 0.531 1.86 0.215 2.66 0.105
0.28 0.823 1.08 0.521 1.88 0.211 2.68 0.104
0.30 0.819 1.10 0.512 1.90 0.206 2.70 0.102
0.32 0.814 1.12 0.503 1.92 0.202 272 0.101
0.34 0.810 1.14 0.493 1.94 0.198 274 0.099
0.36 0.805 . 0.484 1.96 0.194 276 0.098
0.38 0.800 1.18 0.474 1.98 0.190 2.78 0.096
0.40 0.795 1.20 0.465 2.00 0.186 2.80 0.095
0.42 0.789 1.22 0.456 2.02 0.183 2.82 0.094
0.44 0.784 1.24 0.446 2.04 0.179 2.84 0.092
0.46 0.778 1.26 0.437 2.06 0.176 2.86 0.091
0.48 0.772 1.28 0.428 2.08 0.172 2.88 0.090
0.50 0.765 1.30 0.419 210 0.169 2.90 0.089
0.52 0.759 1.32 0.410 212 0.166 292 0.087
0.54 0.752 1.34 0.401 214 0.163 2.94 0.086
0.56 0.745 1.36 0.392 2.16 0.160 2.96 0.085
0.58 0.738 1.38 0.383 218 0.157 2.98 0.084
0.60 0.731 1.40 0.374 2.20 0.154 3.00 0.083
0.62 0.724 1.42 0.365 222 0.151 3.02 0.082
0.64 0.716 1.44 0.357 2.24 0.149 3.04 0.081
0.66 0.708 1.46 0.348 2.26 0.146 3.06 0.080
0.68 0.700 1.48 0.339 2.28 0.143 3.08 0.079
0.70 0.692 1.50 0.331 2.30 0.141 3.10 0.078
0.72 0.684 1.52 0.323 2.32 0.138 312 0.077
0.74 0.676 1.54 0.340 2.34 0.136 3.14 0.076
0.76 0.667 1.56 0.306 2.36 0.134 3.16 0.075
0.78 0.659 1.58 0.299 2.38 0.132 3.18 0.074
0.80 0.650 1.60 0.291 2.40 0.129 3.20 0.073

[a] When element width-to-thickness ratios exceed %, , see Appendix B5.3
Values of 1> 2.24 exceed Ki/rof 200 for F, = 36 ksi (250 MPa)
Values of 1> 2.64 exceed KI/r of 200 for F,, = 50 ksi (345 MPa)
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Values of K/ / rfor F,= 36 and 50 ksi*
Ki/r Ki/r

A F,=36 F,=50 A F,=36 F,=50
0.02 1.8 1.5 0.82 73.1 62.0
0.04 3.6 3.0 0.84 74.9 63.6
0.06 53 4.5 0.86 76.7 65.1
0.08 71 6.1 0.88 78.5 66.6
0.10 8.9 7.6 0.90 80.2 68.1
0.12 10.7 9.1 0.92 82.0 69.6
0.14 125 10.6 0.94 83.8 711
0.16 143 12.1 0.96 85.6 726
0.18 16.0 13.6 0.98 87.4 741
0.20 17.8 15.1 1.00 89.2 75.7
0.22 19.6 16.6 1.02 90.9 77.2
0.24 21.4 18.2 1.04 92.7 787
0.26 232 19.7 1.06 94.5 80.2
0.28 25.0 21.2 1.08 96.3 81.7
0.30 26.7 227 1.10 98.1 83.2
0.32 285 242 1.12 99.9 84.7
0.34 30.3 257 1.14 102 86.3
0.36 321 27.2 1.16 103 87.8
0.38 33.9 28.8 1.18 106 89.3
0.40 35.7 30.3 20 107 90.8
0.42 37.4 31.8 1.22 109 92.3
0.44 39.2 33.3 1.24 111 93.8
0.46 41.0 34.8 1.26 112 95.3
0.48 42.8 36.3 1.28 114 96.8
0.50 44.6 37.8 1.30 116 98.4
0.52 46.4 39.3 1.32 118 99.9
0.54 481 40.9 1.34 120 101
0.56 49.9 424 1.36 121 103
0.58 51.7 43.9 13.8 123 104
0.60 53.5 454 1.40 125 106
0.62 55.3 46.9 1.42 127 107
0.64 571 48.4 1.44 128 109
0.66 58.8 49.9 1.46 130 111
0.68 60.6 51.4 1.48 132 112
0.70 62.4 53.0 1.50 134 114
0.72 64.2 54.5 1.52 136 115
0.74 66.0 56.0 1.54 137 117
0.76 67.8 57.5 1.56 139 118
0.78 69.5 59.0 1.58 141 120
0.80 713 60.5 1.60 143 121

* Note: Calculated values are based on U.S. customary units. Metric units give values within 1 percent of

those listed.
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Values of K/ rfor F,=36 and 50 ksi*

TABLE 5 (contd)

Ki/r Ki/r
e F,=36 F,=50 he F, =50
1.62 144 122 242 183
1.64 146 124 2.44 185
1.66 148 126 246 186
1.68 150 127 2.48 188
1.70 152 129 2.50 189
1.72 153 130 2.52 191
1.74 155 132 2.54 192
1.76 157 133 2.56 194
1.78 159 135 2.58 195
1.80 161 136 2.60 197
1.82 162 138 2.62 198
1.84 164 139 2.64 200
1.86 166 141
1.88 168 142
1.90 169 144
1.92 171 145
1.94 173 147
1.96 175 148
1.98 177 150
2.00 178 151
2.02 180 153
2.04 182 154
2.06 184 156
2.08 186 157
210 187 159
212 189 160
214 191 162
2.16 193 163
2.18 194 165
2.20 196 167
222 198 168
2.24 200 170
2.26 171
2.28 173
2.30 174
2.32 176
2.34 177
2.36 179
2.38 180
2.40 182

Heavy line indicates K! / r of 200.
*Note: Calculated values are based on U.S. customary units. Metric units give values within 1 percent

of those listed.
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TABLE 6

From Table B5.1*

Slenderness Ratios of Elements as a Function of F,

F,, ksi (MPa)

Ratio 36 (250) 42 (290) 46 (317) 50 (345) 60 (415) 65 (450)
0.38,/E/F, 10.8 9.99 9.54 9.15 8.35 8.03
0.45JE/F, 12.8 11.8 11.3 10.8 9.89 9.51
0.56,JE/F, 15.9 14.7 141 13.5 12.3 11.8
0.75,/E/F, 21.3 19.7 18.8 18.1 16.5 15.8
112 JE/F, 31.8 294 28.1 27.0 24.6 23.7
1.40,/E/F, 39.7 36.8 35.2 33.7 30.8 29.6
1.49JE/F, 42.3 39.2 374 35.9 32.8 31.5
1.86,JE/F, 528 489 46.7 44.8 409 39.3
3.76,JE/F, 107 98.8 94 .4 90.6 82.7 794
S.70,/E/F, 162 150 143 137 125 120

0.045E/F, 36.3 31.0 28.4 26.1 21.8 20.0
0.07E/F, 56.4 48.3 441 40.6 33.8 31.2
0.MME/F, 88.6 76.0 69.3 63.8 53.2 491
031E/F, 250 214 195 180 150 138

those listed.

E =29,000 ksi (200 000 MPa)

*Note: Calculated values are based on U.S. Customary Units. Metric units give values within 1 percent of
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TABLE 7
Values of C,,
for Use in Section C1

LS LS LS
M, Cn M Cn M Cn
-1.00 1.00 -0.45 0.78 0.10 0.56
-0.95 0.98 -0.40 0.76 0.15 0.54
-0.90 0.96 -0.35 0.74 0.20 0.52
-0.85 0.94 -0.30 0.72 0.25 0.50
-0.80 0.92 -0.25 0.70 0.30 048
-0.75 0.90 -0.20 0.68 0.35 0.46
-0.70 0.88 -0.15 0.66 0.40 0.44
-0.65 0.86 -0.10 0.64 0.45 042
-0.60 0.84 -0.05 0.62 0.50 0.40

0.60 0.36
-0.55 0.82 0 0.60 0.80 0.28
-0.50 0.80 0.05 0.58 1.00 0.20

Note 1: C,, = 0.6 -0.4 (M, / M)
Note 2: M,/ M> is positive for reverse curvature and negative for single curvature. |M1| < |M2|
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TABLE 8-36

LIAZ) (ksi) for Plate Girders by Appendix F2 for
Aw 36 ksi Yield Stress Steel,

Tension Field Action Not Included

Aspect ratio a/ h: Stiffener Spacing to Web Depth

A Over
tw 05 | 06 | 07 | 0.8 | 0.9 1.0 1.2 14 1.6 18 | 20 | 25 | 3.0 3.0
60 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194
70 (194 (194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194
80 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 189 | 182 | 179 | 169
90 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 185 | 178 | 172 | 168 | 16.2 | 159 | 147
100 | 194 | 194 | 19.4 | 194 | 194 | 192 | 176 | 166 | 160 | 155 | 149 | 13.8 | 132 | 119
110 | 194 | 194 | 19.4 | 194 | 184 | 174 | 16.0 | 148 | 13.7 | 128 | 123 | 11.4 | 109 9.8
120 | 194 | 194 | 194 | 181 | 169 | 160 | 140 | 125 | 115 | 10.8 | 108 | 103 | 9.6 9.2
130 | 194 | 194 | 182 | 16.7 | 156 | 141 | 119 | 106 | 98 | 9.2 88 | 82 7.8 70
140 | 194 | 188 | 169 | 155 | 135 | 121 | 103 | 9.2 8.4 79 76 70| 67 6.1
150 | 194 | 176 | 157 | 135 | 118 [ 106 | 89| 8.0 73| 69| 66| 6.1 59 53
160 | 189 | 165 | 141 [ 119 | 104 | 93 79| 70| 65| 6.1 58| 54 4.6
170 | 17.8 | 155 | 125 | 105 | 9.2 8.2 70| 62 57| 54| 51 4.1
180 | 16.8 | 13.9 | 11.1 94| 82 73| 62| 55| 51 48 | 46 3.7
200 | 149 | 11.2 90| 76| 66| 59| 50| 45| 441 3.0
220 [ 123 | 93 75| 63| 55| 49| 42 25
240 | 10.3 78| 63| 53| 46| 41 21
260 88| 66| 53| 45| 39| 35 1.8
280 76| 57| 46| 39

300 66 | 50| 40

320 58| 44
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TABLE 8-36 M
LIAZ) (MPa) for Plate Girders by Appendix F2
Av“for 250 MPa Yield Stress Steel,
Tension Field Action Not Included
Aspect ratio a/ h: Stiffener Spacing to Web Depth
ki Over
tw 0.5 0.6 0.7 0.8 0.9 1.0 1.2 1.4 1.6 1.8 2.0 2.5 3.0 3.0
60 135 135 135 135 135 135 135 135 135 135 135 135 135 135
70 135 135 135 135 135 135 135 135 135 135 135 135 135 134
80 135 135 135 135 135 135 135 135 135 134 131 126 124 117
90 135 135 135 135 135 135 135 128 123 119 117 112 110 101
100 135 135 135 135 135 133 122 115 11 107 102 | 95.0 | 91.0 81.9
110 135 135 135 135 128 121 111 102 | 941 | 886 | 846 | 785 | 752 67.7
120 135 135 135 125 117 111 964 | 859 (791|744 | 711 | 66.0 | 63.2 56.9
130 135 135 126 116 108 | 969 | 82.1 | 73.2 | 674 | 634 | 60.6 | 56.2 | 53.8 48.5
140 135 130 117 107 | 934 [ 836 | 70.8 | 63.1 | 58.1 | 54.7 | 52.2 | 485 | 46.4 41.8
150 135 122 109 [ 933 | 813 | 728 | 61.7 | 55.0 | 506 | 476 | 455 | 422 | 404 36.4
160 131 114 | 97.3 | 820 | 715 | 64.0 | 542 | 483 | 445 | 419 | 40.0 | 371 32.0
170 124 107 | 86.2 | 72.6 | 63.3 | 56.7 | 48.0 | 428 | 394 | 371 | 354 28.3
180 117 | 955 | 769 | 648 | 565 | 506 | 428 | 382 | 352 | 331 | 316 253
200 102 | 773 | 623 | 525 | 458 | 410 | 34.7 | 30.9 | 285 205
220 | 846 | 639 | 515 | 434 | 378 | 33.8 | 28.7 16.9
240 | 711 | 53.7 | 43.2 | 364 | 318 | 284 14.2
260 | 606 | 458 | 36.8 | 31.0 | 271 | 24.2 121
280 | 522 | 395 | 318 | 26.8
300 | 455 | 344 | 27.7
320 | 400 | 30.2
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TABLE 8-50

A7) (ksi) for Plate Girders by Appendix F2
Awv " for 50 ksi Yield Stress Steel,
Tension Field Action Not Included

Aspect ratio a/ h: Stiffener Spacing to Web Depth

Over
0.5 0.6 0.7 0.8 0.9 1.0 1.2 1.4 1.6 1.8 2.0 25 3.0 3.0

=

60 | 27.0 | 27.0 | 27.0 | 270 | 270 | 27.0 | 27.0 | 270 | 27.0 | 27.0 | 27.0 | 27.0 | 27.0 | 26.6

70 | 270 | 270 | 27.0 | 27.0 | 27.0 | 27.0 | 27.0 | 27.0 | 269 | 26.1 | 255 | 246 | 24.0 | 22.8

80 | 27.0 | 27.0 | 27.0 | 270 | 270 | 27.0 | 26.0 | 245 | 235 | 228 | 223 | 215 | 20.6 | 186

90 | 27.0 | 270|270 | 270 | 265 | 2561 | 23.1 | 218 | 204 | 192 | 183 | 17.0 | 16.3 | 14.7

100 | 27.0 | 270 | 27.0 | 2566 | 239 | 226 | 201 | 179 | 165 | 155 | 149 | 13.8 | 13.2 | 119

110 | 270 | 270 | 253 | 232 | 21.7 | 196 | 166 | 148 | 13.7 | 128 | 123 | 114 | 10.9 9.8

120 | 270 | 259 | 232 | 211 | 184 | 165 | 140 | 125 | 115 | 108 | 10.3 9.6 9.2 8.3

130 | 270 | 239 | 214 | 180 | 157 | 141 | 119 | 106 9.8 9.2 8.8 8.2 7.8 7.0

140 | 255 | 222 | 184 | 165 | 135 | 12.1 | 103 9.2 8.4 79 76 7.0 6.7 6.1

150 | 238 | 199 | 16.1 | 135 | 11.8 | 106 8.9 8.0 73 6.9 6.6 6.1 5.9 53

160 | 223 | 175 | 141 | 119 | 104 9.3 79 70 6.5 6.1 5.8 54 4.6
170 | 206 | 155 | 125 | 105 9.2 8.2 7.0 6.2 5.7 54 51 4.1
180 | 183 | 13.9 | 111 9.4 8.2 73 6.2 55 5.1 4.8 4.6 3.7
200 | 149 | 11.2 9.0 76 6.6 59 50 4.5 4.1 3.0
220 | 123 9.3 75 6.3 55 4.9 4.2 25
240 | 103 7.8 6.3 53 4.6 4.1 21
260 8.8 6.6 53 45 3.9 35 1.8

280 76 5.7 4.6 3.9
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TABLE 8-50 M

LIAZ) (MPa) for Plate Girders by Appendix F2
Av  “for 345 MPa Yield Stress Steel,
Tension Field Action Not Included

Aspect ratio a/ h: Stiffener Spacing to Web Depth

l Over
0.5 0.6 0.7 0.8 0.9 1.0 1.2 14 1.6 1.8 2.0 2.5 3.0 3.0

~
E3

60 | 186 (186 | 186 | 186 | 186 | 186 |186 | 186 |186 | 186 |186 | 186 | 186 184

70 | 186 | 186 | 186 | 186 |186 |186 |186 |186 |186 | 180 |176 | 170 | 166 158

80 |186 |186 | 186 | 186 | 186 | 186 | 180 | 169 |163 | 158 | 154 | 148 | 142 128

90 | 186 |186 | 186 | 186 | 183 | 173 | 160 | 151 [141 |132 |126 | 117 | 112 101

100 | 186 | 186 | 186 |177 |165 |156 |139 |124 | 114 | 107 | 102 95.0( 91.0| 819

110 | 186 | 186 | 175 [161 |150 |[135 115 | 102 | 941 | 886 | 846 | 785 | 752 | 67.7

120 | 186 | 179 | 160 |[146 |127 |114 | 96.4| 859 | 791 | 744 | 71.1| 66.0 | 63.2 | 56.9

130 | 186 | 165 | 147 |[124 |108 | 969 | 82.1| 73.2| 674 | 634 | 606 | 56.2 | 53.8| 485

140 | 176 | 153 | 127 [107 | 93.4 | 836 | 70.8| 63.1| 58.1| 54.7| 52.2 | 485 | 464 | 418

150 | 164 | 138 | 111 933 | 813 | 728 | 61.7| 550 | 506 | 476 | 455 | 422 | 404 | 364

160 | 154 | 121 97.3| 820 | 715 | 640 | 542 | 483 | 445 | 419 | 40.0| 371 32.0
170 | 142 | 107 | 86.2 | 726 | 63.3 | 56.7 | 48.0| 428 | 394 | 371 | 354 28.3
180 | 126 | 955 | 769 | 648 | 565 | 506 | 42.8| 38.2| 352 | 33.1| 316 253
200 | 102 773| 623 | 525 | 458 | 41.0 | 34.7 | 309 | 285 205
220 | 846 | 639 | 515| 434 | 378 | 33.8| 28.7 16.9
240 | 711 | 53.7 | 432 | 364 | 318 | 284 14.2

260 | 606 | 458 | 36.8 | 31.0| 27.1| 242

280 | 522 | 395 | 31.8| 268
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TABLE 9-36
LIAZ) (ksi) for Plate Girders by Appendix G for
Aw 36 ksi Yield Stress Steel,

Tension Field Action Included®

(Italic values indicate gross area,
as percent of (h x t ) required for pairs of
intermediate stiffeners of 36 ksi yield stress
steel with V, / ¢V, = 1.0)"

Aspect ratio a/ h: Stiffener Spacing to Web Depth

Over
3.0
0.5 0.6 0.7 0.8 0.9 1.0 1.2 1.4 1.6 1.8 2.0 25 3.0 [c]

~
K3

60 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194

70 (194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 194

80 | 194 | 194|194 | 194 | 194 | 194 | 194 | 194 | 194 | 194 | 191 | 186 | 183 | 169

90 | 194 | 194|194 | 194 | 194 | 194 | 194 | 190 | 185 | 182 [ 17.8 | 173 | 168 | 147

100 | 194 | 194 | 194 | 194 | 194 | 193 | 186 | 181 | 176 | 172 | 166 | 156 | 149 | 119

110 | 194 | 194 | 194 | 194 | 191 | 187 | 179 | 172 | 163 | 156 | 15.1 | 140 | 133 9.8

120 | 194 | 194 | 194 | 190 | 185 | 181 | 17.0 | 160 | 151 | 144 | 139 | 12.8 | 12.0 8.3

130 | 194 | 194 | 191 | 186 | 181 | 174 | 161 | 151 | 142 | 135 [ 129 | 11.8 | 11.0 7.0

140 | 194 | 193 | 187 | 182 | 174 | 166 | 154 | 144 | 135 | 128 | 122 | 11.0 | 10.2 6.1

150 | 194 | 190 | 184 | 175 | 16.7 | 16.0 | 148 | 138 | 129 | 122 | 116 | 104 | 96 5.3

160 | 193 | 18.7 | 179 | 170 | 16.2 | 165 | 143 | 133 | 124 | 11.7 | 11.1 | 99 4.6

170 | 191 | 184 | 174 | 166 | 158 | 151 | 139 | 129 | 12.0 | 113 | 10.7 4.1
03| 04

180 | 189 | 180 | 171 | 162 | 155 | 148 | 136 | 126 | 11.7 | 11.0 | 104 3.7
02| 07| 11 1.3 1.5

200 ( 184 | 173 | 164 | 156 | 149 | 142 | 131 | 120 | 11.2 3.0

0.1 0.9 14 | 21| 25 | 28
220 (178 | 169 | 160 | 152 | 145 | 13.8 | 12.7 25
1.1 | 20| 26 | 3.0 | 36
240 | 174 | 165 | 15.7 | 149 | 142 | 135 21
165 | 27 | 34 | 3.9 | 43
260 | 171 | 162 | 154 | 146 | 14.0 | 133 1.8

13| 30| 40 | 46 | 50 | 54

280 | 16.8 | 16.0 | 15.2 | 144
27 | 42 | 50 | 56
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NUMERICAL VALUES

oV, TABLE 9-36 (contd)

—— (ksi) for Plate Girders by Appendix G
Aw " for 36 ksi Yield Stress Steel,
Tension Field Action Included™
(Italic values indicate gross area,
as percent of (h x t ) required for pairs of

intermediate stiffeners of 36 ksi yield stress
steel with V, / ¢V, = 1.0)"

Aspect ratio a / h : Stiffener Spacing to Web Depth

h
tw 0.5 0.6 0.7 0.8 0.9 1.0 1.2 14 1.6 1.8 2.0 25 3.0

Over
3.0
[c]

300 | 1666 | 15.8 | 15.0
39 | 62| 59

320 | 16.4 | 156
49 | 6.0

[a] For area of single-angle and single-plate stiffeners, or when V,,/ ¢ V;; < 1.0, see Equation A-G4-1.
[b] For end-panels and all panels in hybrid and web-tapered plate girders, use Table 9-36.

[c] Same as for Table 9-36.

Note: Girders so proportioned that the computed shear is less than that given in the right-hand column
do not require intermediate stiffeners.
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158 NUMERICAL VALUES
v TABLE 9-36 M
q);\—” (MPa) for Plate Girders by Appendix G

for 250 MPa Yield Stress Steel,

Tension Field Action Included™

(Italic values indicate gross area,
as percent of (h x t ) required for pairs of

intermediate stiffeners of 250 MPa yield stress
steel with V, / ¢V, = 1.0)"

Aspect ratio a / h: Stiffener Spacing to Web Depth

Over
i 3.0
ty 0.5 0.6 0.7 0.8 | 09 1.0 1.2 14 1.6 1.8 2.0 25 3.0 [c]
60 (135 |135 (135 |135 |135 |135 (135 |135 [135 |135 |135 [135 | 135 135
70 | 135 | 135 | 135 | 135 (135 [135 |135 |135 |135 |135 (135 |135 |[135 134
80 (135 |135 (135 |135 |135 |135 (135 |135 [135 |135 |133 |[129 |127 117
90 (135 |135 (135 |135 |135 |135 (135 |132 (129 |126 |124 |[120 | 117 101
100 (135 | 135 (135 |135 |135 | 134 [129 |125 (122 |119 | 115 108 | 103 81.9
110 (135 | 135 (135 |135 |132 | 130 [124 |119 (113 | 108 | 104 969 | 91.8 67.7
120 (135 | 135 (135 | 132 |129 |126 |[118 |111 [105 | 100 | 96.0 | 884 | 83.0 56.9
130 (135 | 135 [132 | 129 |126 |120 |[112 |105 986 | 93.7 | 896 | 81.7| 76.2 485
140 (135 | 134 (130 |126 |120 | 115 | 107 995 | 936 | 88.7 | 845 | 765 | 709 41.8
150 (135 | 132 (128 |122 |116 | 111 | 103 955 | 896 | 846 | 804 | 722 | 665 36.4
160 (134 | 130 |124 | 118 | 113 | 108 992 | 922 | 86.3| 81.2 | 77.0 | 68.8 320
170 (132 | 128 |[121 | 115 | 110 | 105 965 | 89.4| 835 | 785 | 74.2 28.3

03 | 04
180 (131 | 125 118 | 113 | 107 | 103 942 | 872 | 812 | 762 | 719 253
02 07 1.1 1.3 1.5
200 | 128 | 120 | 114 | 109 |103 98.8| 906 | 836 | 776 205
01| 09 14 | 2.1 25 | 28
220 | 124 | 117 | 111 | 106 | 101 96.1 | 87.9 16.9
1.1 20 | 26 | 30 | 36
240 | 121 | 114 | 109 | 103 98.5| 94.0 14.2
15 | 27 | 34| 39 | 43
260 | 118 | 112 | 107 | 102 96.9 | 92.4 121
1.3 30| 40 | 46 | 50 | 54
280 | 117 | 111 | 105 | 100
27 | 42 | 50 | 56
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NUMERICAL VALUES

oV, TABLE 9-36 M (cont'd)

—— (MPa) for Plate Girders by Appendix G
Av “for 250 MPa Yield Stress Steel
Tension Field Action Included®
(Italic values indicate gross area,
as percent of (h x t,) required for pairs of

intermediate stiffeners of 250 MPa yield stress
steel with V, / ¢V, = 1.0)"

Aspect ratio a/ h: Stiffener Spacing to Web Depth

tw 05 | 06 | 07 | 08B | 09 | 1.0 12 | 14 | 16 18 | 20 | 25 | 3.0

Over
3.0

[c]

300 | 115 | 109 | 104
39 | 62 | 59

320 | 114 | 108
49 | 6.0

[a] For area of single-angle and single-plate stiffeners, or whenV,, / ¢V, <10, see Equation A-G4-1.
[b] For end-panels and all panels in hybrid and web-tapered plate girders, use Table 9-36M.

[c] Same as for Table 9-36M.

Note: Girders so proportioned that the computed shear is less than that given in the right-hand column
do not require intermediate stiffeners.
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oV, TABLE 9-50

Aw " for 50 ksi Yield Stress Steel,
Tension Field Action Included ™

(Italic values indicate gross area, as percent of (h x t,)
required for pairs of intermediate stiffeners of 50 ksi

yield stress steel with V,/ ¢V = 1.0) "

(ksi) for Plate Girders by Appendix G

Aspect ratio a / h : Stiffener Spacing to Web Depth

Over

i 3.0
tw 05 | 06 | 07 | 08|09 10|12 |14 | 16 | 18 | 20 | 25 | 3.0 [c]
60 | 27.0 | 27.0 | 27.0 | 27.0 | 27.0 | 27.0 | 27.0 | 27.0 | 27.0 | 270 | 27.0 | 270 | 27.0 | 266

70 | 27.0 | 270 | 27.0 | 270 | 27.0 | 270 | 27.0 | 27.0 | 269 | 265 | 26.1 | 254 | 249 | 228

80 | 27.0 | 27.0 | 27.0 | 27.0 | 27.0 | 27.0 | 265 | 25.8 | 25.1 | 246 | 24.1 | 233 | 224 | 186

90 | 27.0 | 27.0 | 27.0 | 27.0 | 268 | 26.3 | 253 | 24.4 | 234 | 225 | 21.7 | 202 | 19.2 | 14.7

100 | 27.0 | 27.0 | 27.0 | 265 | 259 | 253 | 240 | 225 | 214 | 204 | 196 | 180 | 17.0 | 11.9
110 | 27.0 | 270 | 265 | 258 | 251 | 242 | 224 | 21.0 | 198 | 188 | 180 | 164 | 153 | 9.8
120 | 27.0 | 26.7 | 259 | 2511 | 240 | 230 | 212 | 198 | 186 | 176 | 16.8 | 152 | 141 8.3
130 | 27.0 | 262 | 254 | 241 | 230 | 220 | 203 | 189 | 17.7 | 16.7 | 159 | 142 | 131 7.0
140 | 26.7 | 258 | 245 | 233 | 222 | 213|196 | 182 | 170 | 16.0 | 151 | 135 | 123 | 6.1
150 | 263 | 252 | 239 | 22.7 | 216 | 20.7 | 190 | 176 | 164 | 154 | 145 | 129 | 11.7 | 53
160 | 26.0 | 246 | 233 | 222 | 211 | 202 | 185 | 17.1 | 159 | 149 | 140 | 124 4.6

02 | 04 | 05| 08
170 | 256 | 241 | 22.8 | 21.7 | 20.7 | 198 | 181 | 16.7 | 152 | 145 | 136 4.1
05 1.0 1.2 14 1.6
180 | 25.1 | 23.7 | 224 | 213 | 203 | 194 | 178 | 16.4 | 152 | 142 | 133 3.7
04 | 09 1.5 19 | 22 | 23 | 25
200 | 243 | 23.0 | 21.8 | 20.8 | 198 | 189 | 17.3 | 15.9 | 147 3.0
1.0 18 | 23 | 27 | 32 | 35 | 37
220 | 23.7 | 225 | 241 | 204 | 194 | 185 | 169 25
1.7 | 27 | 33 | 38 | 4.1 | 45
240 | 23.2 | 22.1 | 21.0 | 20.0 | 19.1 | 18.2 2.1

18 | 32 | 40 | 46 | 49 | 5.2

260 | 23.0 | 21.8 | 208 | 198 | 188 | 18.0
32 | 44 | &1 56 | 59 | 6.1

280 | 22.7 | 216 | 206 | 196
44 | 54 6.0 6.4

[a] For area of single-angle and single-plate stiffeners, or when V,,/ ¢ V,, < 1.0, see Equation A-G4-1.

[b] For end-panels and all panels in hybrid and web-tapered plate girders, use Table 9-50.
[c] Same as for Table 9-50.

Note: Girders so proportioned that the computed shear is less than that given in the right-hand column

do not require intermediate stiffeners.
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oV, TABLE 9-50 M

—— (MPa) for Plate Girders by Appendix G
Av  “for 345 MPa Yield Stress Steel,
Tension Field Action Included™

(Italic values indicate gross area, as percent of (h x t,)

required for pairs of intermediate stiffeners of 345 MPa
yield stress steel with V,/ oV, = 1.0)"

Aspectratio a/ h: Stiffener Spacing to Web Depth

Over
i 3.0
tw 0.5 0.6 0.7 0.8 0.9 1.0 1.2 14 1.6 1.8 2.0 25 3.0 [c]

60 | 186 | 186 | 186 | 186 | 186 | 186 | 186 | 186 | 186 |186 (186 |186 |186 |184

70 | 186 | 186 | 186 | 186 | 186 | 186 | 186 | 186 | 186 |183 (180 |175 |172 |158

80 | 186 | 186 | 186 | 186 | 186 | 186 | 183 | 178 | 174 |170 (167 |161 |155 |128

90 | 186 | 186 | 186 | 186 | 185 | 181 | 174 | 169 | 162 |155 |150 |140 |133 |101

100 | 186 | 186 | 186 | 183 | 179 | 175 | 165 | 155 | 147 |141 |135 |125 |117 81.9

110 | 186 | 186 | 183 | 178 | 173 | 167 | 155 | 145 | 137 |130 (124 |113 |106 67.7

120 | 186 | 184 | 179 | 173 | 165 | 158 | 147 | 137 | 129 |122 |116 |105 97.1| 56.9

130 | 186 | 181 | 175 | 166 | 159 | 152 | 140 | 130 | 122 |115 |110 98.3| 90.4| 485

140 | 184 | 178 | 169 | 161 | 154 | 147 | 135 | 125 | 117 |110 |104 93.1| 85.0| 41.8

150 | 181 | 174 | 165 | 157 | 149 | 143 | 131 | 121 | 113 |106 |100 88.8| 80.6| 364

160 | 179 | 170 | 161 | 153 | 146 | 139 | 128 | 118 | 110 |103 969| 853 320
02| 04| 05| 08

170 | 176 | 166 | 158 | 150 | 143 | 136 | 125 | 115 | 107 |100 941 28.3

180 | 173 | 163 | 155 | 147 | 140 | 134 | 123 | 113 | 105 | 97.8| 91.8 253
04| 09| 15| 19| 22| 23| 25

200 | 168 | 159 | 151 | 143 | 137 | 130 | 119 | 109 | 101 205
10| 18| 23| 27| 32| 35| 37

220 | 164 | 155 | 148 | 140 | 134 | 128 | 116 16.9
17| 27| 33| 38| 41| 45

240 | 161 | 153 | 145 | 138 | 132 | 126 142
18| 32| 40| 46| 49| 52

260 | 158 | 151 | 143 | 136 | 130 | 124
32| 44| 51| 56| 59| 6.1

280 | 157 | 149 | 142 | 135
44| 54| 60| 64

[a] For area of single-angle and single-plate stiffeners, or when V,,/ ¢V, < 1.0, see Appendix A-G4-1.
[b] For end-panels and all panels in hybrid and web-tapered plate girders, use Table 8-50M.

[c] Same as for Table 8-50M.

Note: Girders so proportioned that the computed shear is less than that given in the right-hand column
do not require intermediate stiffeners.
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TABLE 10

Nominal Horizontal Shear Load for
One Connector Qs, kips !
From Equations 15-1 and 15-2

Specified Compressive Strength
of concrete ./, ksi [d]

Connector [b] 3.0 3.5 4.0

1-in. dia. x 2-in. hooked or headed stud 9.4 10.5 11.6

5%-in. dia. x 2% in. hooked or headed stud 14.6 16.4 18.1

34-in. dia. x 3-in. hooked or headed stud 21.0 23.6 26.1

T%-in. dia. x 3%%-in. hooked or headed stud 28.6 321 355
Channel C3 x 4.1 10.2 L, [c] 11.5 L, [c] 12.7 L, [c]
Channel C4 x5.4 1.1 L, [c] 124 L, [c] 13.8 L.[c]
Channel C5 x 6.7 11.9 L, [c] 13.3 L. [c] 14.7 L, [c]

[a] Applicable only to concrete made with ASTM C33 aggregates.

[b] The nominal horizontal loads tabulated may also be used for studs longer than shown.
[c] L. = length of channel, inches.

[d] F,> 0.5 (£ w) ®7, w = 145 Ibs fcu. ft.

TABLE 10 M

Nominal Horizontal Shear Load for
One Connector Q,, kN™!
From Equations 15-1 and 15-2

Specified Compressive Strength
of Concrete, ./, MPa [d]
Connector [b] 20 25 30

12.7 mm dia.x 50 mm hooked or headed stud 42 48 55
15.9 mm dia.x 63 mm hooked or headed stud 65 75 86
19.0 mm dia.x 75 mm hooked or headed stud 93 108 123
22.2 mm dia.x 88 mm hooked or headed stud 127 145 167
Channel C75 x 6.1 1.8 L, [c] 2.1 L [c] 2.4 L, [c]
Channel C100 x 8 1.9L, [c] 2.2L.[c] 2.6 L;[c]
Channel C130 x 104 2.1 L[] 2.4 L, [c] 2.7 Ly [c]

[a] Applicable only to concrete made with ASTM C33 aggregates.

[b] The nominal horizontal loads tabulated may also be used for studs longer than shown.
[c] L = length of channel, mm.

[d] F,> 0.1 (£ w)®7, w = 2325 kg/m®
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COMMENTARY

on the Load and Resistance Factor
Design Specification for Structural
Steel Buildings

December 27, 1999

INTRODUCTION
The Specification is intended to be complete for normal design usage.

The Commentary furnishes background information and references for the benefit of the
engineer secking further understanding of the basis, derivations and limits of the specifi-
cation.

The Specification and Commentary are intended for use by design professionals with
demonstrated engineering competence.
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Al.

A2.

CHAPTER A

GENERAL PROVISIONS

SCOPE

Load and Resistance Factor Design (LRFD) is an improved approach to the design
of structural steel for buildings. It involves explicit consideration of limit states,
multiple load factors, and resistance factors, and implicit probabilistic determina-
tion of reliability. The designation LRFD reflects the concept of factoring both
loads and resistance. This type of factoring differs from the AISC allowable stress
design (ASD) Specification (AISC, 1989), where only the resistance is divided by a
factor of safety (to obtain allowable stress) and from the plastic design portion of
that Specification, where only the loads are multiplied by a common load factor.
The LRFD method was devised to offer the designer greater flexibility, more ratio-
nality, and possible overall economy.

The format of using resistance factors and multiple load factors is not new, as sev-
eral such design codes are in effect [the ACI-318M Building Code Requirements
for Structural Concrete (ACI, 1999) and the AASHTO Load and Resistance Factor
Design for Bridges (AASHTO, 1996)]. Nor should the new LRFD method give
designs radically different from the older methods, since it was tuned, or “cali-
brated,” to typical representative designs of the earlier methods. The principal new
ingredient is the use of a probabilistic mathematical model in the development of
the load and resistance factors, which made it possible to give proper weight to the
accuracy with which the various loads and resistances can be determined. Also, it
provides a rational methodology for transference of test results into design provi-
sions. A more rational design procedure leading to more uniform reliability is the
practical result.

TYPES OF CONSTRUCTION

Connection Classification. In the first edition of the LRFD Specification (AISC,
1986), the types of construction were changed from Type 1 through Type 3 (AISC,
1978) to the more general terms of fully-restrained (FR) and partially restrained
(PR), to provide appropriate recognition of connection stiffness. The third edition
of the LRFD Specification emphasizes the combined importance of stiffness,
strength and ductility in connection design.

Examples of connection classification schemes include those described by
Ackroyd and Gerstle (1982), Bjorhovde, Colson, and Brozzetti (1990), and
Eurocode 3 (1992) (Leon, 1994). The basic assumption made in classifying con-
nections is that their most important behavioral characteristics can be modeled by a
moment-rotation (M-0) curve such as shown in Figure C-A2.1. Implicit in the
moment-rotation curve is the definition of the connection as a region of the con-
nected members, along with the connecting elements. The connection is defined in
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this way because the rotation is measured over a gage length that incorporates the
contributions of both the connecting elements and the members being connected.

Connection Strength. Referring to Figure C-A2.1, it is presumed that the nominal
connection strength A, can be determined on the basis of an ultimate limit state
model of the connection or from test data. Further, many PR connections do not
exhibit a plateau in their moment-rotation relationship, even at large rotations. In
determining their strength based on tests, it is necessary to assume a rotation at
which to define the nominal strength. For this purpose, the connection strength can
be defined at a rotation of approximately 6,=0.02 radians (Hsich and Deierlein,
1991, and Leon, Hoffman, and Stacger, 1996).

Animportant aspect of the nominal strength of a connection, M, is its relationship
to the strength of the connected beam M), ... A connection is fit/l strength if M, >
M, beam» Otherwise the connection is partial strength.

A partial strength PR connection must be designed with sufficient ductility to per-
mit the connection components to deform and to avoid any brittle failure modes.

It is also useful to define a lower limit for the strength, below which the connection
canbe treated as simple. Connections that transmit less than 0.214), ;... at a rotation
of 0.02 radians can be considered to have no flexural strength for design. It should
be recognized, however, that the aggregate strength of many weak partial strength
connections (¢.g. those with a capacity less than 0.2M,s..,) can be significant when
compared to that of a few strong connections (FEMA, 1997).

Connection ductility. Connection ductility is a key parameter when the deforma-
tions are concentrated in the connection elements, as is the typical case in partial
strength PR connections. The ductility required will depend on the flexibility of the
connections and the particular application. For example, the ductility requirement
for abraced frame in a non-seismic arca will generally be less than for an unbraced
frame in a high seismic area. Referring again to Figure C-A2.1, the rotation capac-
ity, 0,. can be defined as the value of the connection rotation at the point where
either (a) the resisting strength of the connection has dropped to 0.8, i.e. to 80
percent of the nominal connection strength, or (b) the connection has deformed
beyond a reasonable limit, e.g. 0.03 radians. This second criterion for determining
0, is intended to apply to connections where there is no loss in strength until very
large rotations occur. For example, tests of double-angle web connections show
that some details will deform in a ductile manner beyond the point where the beam

Ma
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Fig. C-A2.1. Typical moment-rotation response of a partially-restrained connection.
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comes into contact with the supporting column. However, it would not be appropri-
ate to rely on these extremely large rotations (typically more than 0.1 radians) for
design.

The available ductility, 6,, should be compared with the required rotational ductil-
ity under the full factored loads, as determined by an analysis that takes into account
the nonlinear behavior of the connection. In the absence of accurate analyses of the
required rotation capacity, the connection ductility may be considered adequate
when the available ductility is greater than 0.03 radians. This rotation is equal to the
minimum beam-to-column connection ductility as specified in the AISC seismic
provisions for special moment frames (AISC, 1997 and 1999). Many types of par-
tial strength PR connections, such as top and seat-angle details, meet this criterion.

Connection Stiffness. Because many PR connections manifest nonlinear behavior
even at low force levels, the initial stiffness of the connection, X, does not charac-
terize the connection response adequately. Short of modeling the nonlinear
response, a better measure of behavior is the secant stiffness, K, (see Figure
C-A2.1). The secant stiffness is defined on the basis of either the moment, A, or the
rotation, 6, that would occur under the applied loads. Generally, two distinct values
of secant stiffness should be considered in design, with one corresponding to the
behavior under service loads and the other to the behavior under factored loads.

The ratio of connection stiffness to beam stiffness can be defined as o=K,L/EI,
where L and E£7 are the length and bending rigidity, respectively, of the connected
beam. Limiting values of o. are approximate ways of categorizing connection stiff-
ness in order to simplify the analysis. The limits are not exact values, and generally
depend on the structural geometry and the limit state used to establish the criterion.
For continuous beams in braced frames, for example, limits based on achicving a
certain percentage of the fixed-end moment or reaching a deflection limit can be
used to establish stiffness criteria (Leon, 1994).

Following such an approach, where o is defined using the secant stiffness for the
serviceability limit state, it is reasonable to classify connections as fully restrained
if o > 20. On the other hand, connections with oo < 2 may be approximated as
simple.

Structural Analysis and Design. When the secant stiffness falls below the fully
restrained limit, engineers should account for the PR behavior indetermining mem-
ber and connection forces, displacements, and frame stability effects. This requires,
first, that the moment-rotation characteristics of the connection be known, and sec-
ond, that these characteristics be incorporated in analysis and member design.

Tvpical moment-rotation curves for many PR connections are available from sev-
cral databases: Goverdhan (1983); Ang and Morris (1984); Nethercot (1985); and
Kishi and Chen (1986), for example. Care should be exercised when utilizing tabu-
lated moment-rotation curves not to extrapolate to sizes or conditions beyond those
used to develop the database, since other failure modes may control (ASCE Task
Committee on Effective Length, 1997). When the connections to be modeled do not
fall within the range of the databases, it is possible to derive the characteristics from
tests, simple component modeling, or finite element studies (FEMA, 1995). Exam-
ples of how to model connection behavior are given in numerous references
(Bjorhovde, Brozzetti, and Colson, 1988; Bjorhovde, Colson, Haaijer, and Stark,
1992; Bjorhovde, Colson, and Zandonini, 1996; Chenand Lui, 1991; Lorenz, Kato,

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



Comm. A3.] MATERIAL 167

A3.

1a.

and Chen, 1993; Chen and Toma, 1994; Chen, Goto, and Liew, 1995; and Leon et
al., 1996).

The degree of sophistication of the analysis depends on the problem at hand.
Usually design for PR construction requires separate analyses for the serviceability
and ultimate limit states. For serviceability, an analysis using linear springs with a
secant stiffness K is often sufficient. Under factored loads, a more careful proce-
dure is needed to ensure that the characteristics assumed in the analysis are consis-
tent with those of the connection response. As shown in Figure C-A2.1, (he
response is especially nonlinear as the applied moment approaches the nominal
connection strength, A, In particular, the effect of the connection nonlinearity on
second-order moments and other stability checks need to be considered (ASCE
Task Committee on Effective Length, 1997). The preferable method of incorporat-
ing these effects in the ultimate limit state check is through a second-order analysis
that models the nonlinear moment-rotation response of the connections explicitly.
Alternatively, for regular structures in regions of low to moderate seismicity, prop-
erly calibrated second-order elastic analysis methods or plastic hinge methods
(c.g.,Leonetal., 1996) canbe used. Elastic procedures may, forexample, use lincar
springs with reduced secant-stiffness values determined to be consistent with the
maximuim rotations calculated under the factored loads.

Prior to this Specification, an analysis procedure was used that ignored the restrain-
ing cffect of connections for gravity loads. However, the effect was taken into
account for lateral load resistance to wind loads. This method was referred to as
“simple framing”, and required that three conditions be satisfied (Disque, 1964).
Today’s approach of using a predictable degree of connection restraint is a more
accurate representation of the structural behavior.

MATERIAL
Structural Steel
ASTM Designations

The grades of structural steel approved for use under the LRFD Specification, cov-
ered by ASTM standard specifications, extend to a yield stress of 100 ksi (690
MPa). Some of these ASTM standards specify a minimumyield point, while others
specify a minimum yield strength. The term “yield stress™ is used in the Specifica-
tion as a generic term to denote either the vield point or the yield strength.

Itis important to be aware of limitations of availability that may exist for some com-
binations of strength and size. Not all structural section sizes are included in the var-
ious material specifications. For example, the 60 ksi (415 MPa) yield strength steel
inthe A572/A572M specification includes plate only up to 1%4-in. (32 mm) in thick-
ness. Another limitation on availability is that even when a product is included in
the specifications, it may be infrequently produced by the mills. Specifying these
products may result in procurement delays or require ordering large quantities
directly from the producing mills. Consequently, it is prudent to check availability
before completing the details of a design.

Properties in the direction of rolling are of principal interest in the design of steel
structures. Hence, vield stress as determined by the standard tensile test is the prin-
cipal mechanical property recognized in the selection of the steels approved foruse
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under the Specification. It must be recognized that other mechanical and physical
properties of rolled steel, such as anisotropy, ductility, notch toughness,
formability, corrosion resistance, etc., may also be important to the satisfactory
performance of a structure.

It is not possible to incorporate in the Commentary adequate information to impart
full understanding of all factors which might merit consideration in the selection
and specification of materials for unique or especially demanding applications. In
such a situation the user of the Specification is advised to make use of reference
material contained in the literature on the specific properties of concern and to spec-
ifv supplementary material production or quality requirements as provided for in
ASTM material specifications. One such case is the design of highly restrained
welded connections (AISC, 1973). Rolled steel is anisotropic, especially insofar as
ductility is concerned; therefore, weld contraction strains in the region of highly
restrained welded connections may exceed the capabilities of the material if special
attention is not given to material selection, details, workmanship, and inspection.

Another special situation is that of fracture control design for certain types of ser-
vice conditions (AASHTO, 1996). The relatively warm temperatures of steel in
buildings, the essentially static strain rates, the stress intensity, and the number of
cycles of full design stress make the probability of fracture in building structures
extremely remote. Good workmanship and good design details incorporating joint
geometry that avoids severe stress concentrations are generally the most effective
means of providing fracture-resistant construction. However, for especially
demanding service conditions such as low temperatures with impact loading, the
specification of steels with superior notch toughness may be warranted.

Heavy Shapes

The web-to-flange intersection and the web center of heavy hot-rolled shapes as
well as the interior portions of heavy plates may contain a coarser grain structure
and/or lower toughness material than other areas of these products. This is probably
caused by ingot segregation, as well as somewhat less deformation during hot roll-
ing, higher finishing temperature, and a slower cooling rate after rolling for these
heavy sections. This characteristic is not detrimental to suitability for service for
compression members, or for non-welded members.

However, when heavy cross sections are joined by splices or connections using
complete-joint-penetration welds which extend through the coarser and/or lower
notch-tough interior portions, tensile strains induced by weld shrinkage may result
in cracking, for example in a complete-joint-penetration welded connection of a
heavy cross sectionbeam to any column section. When members of lesser thickness
are joined by complete-joint-penctration welds, which induce smaller weld shrink-
age strains, to the finer grained and/or more notch-tough surface material of ASTM
A6/A6M Group 4 and 5 shapes and heavy built-up cross sections, the potential for
cracking is significantly lower, for example in a complete-joint-penetration groove
welded connection of a non-heavy cross-sectionbeam to a heavy cross-section column.

For critical applications such as primary tension members, material should be spec-
ified to provide adequate toughness at service temperatures. Because of differences
in the strain rate between the Charpy V-notch (CVN) impact test and the strain rate
experienced in actual structures, the CVN test is conducted at a temperature higher

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



Comm. A3.] MATERIAL 169

than the anticipated service temperature for the structure. The location of the CVN
test is shown in Figure C-A3.1.

The toughness requirements of Section A3. 1c are intended only to provide material
of reasonable toughness for ordinary service applications. For unusual applications
and/or low temperature service, more restrictive requirements and/or toughness
requirements for other section sizes and thicknesses may be appropriate. To mini-
mize the potential for fracture, the notch toughness requirements of Section A3. 1¢
must be used in conjunction with good design and fabrication procedures. Specific
requirements are given in Sections J1.5, J1.6, J2.6, J2.8, and M2.2.

For rotary-straightened W-shapes, an area of reduced notch toughness has been
documented in a limited region of the web immediately adjacent to the flange as
iltustrated in Figure C-A3.2. Preliminary recommendations have been issued
(AISC, 1997) and AISC is currently exploring the associated implications for
design and construction. It is anticipated that recommendations will be forthcom-
ing, albeit after the publication of this document. For this reason, the reader is
encouraged to maintain an awareness of AISC recommendations as they become
available.

3. Bolts, Washers, and Nuts

The ASTM standard for A307 bolts covers two grades of fasteners. Either grade
may be used under the LRFD Specification; however, it should be noted that Gr. B

Ye ty

CVN specimen
location

Fig. C-A3.1. Location from which Charpy impact specimen shall be taken.
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Fig. (C-43.2. “k-area.”
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is intended for pipe flange bolting and Gr. A is the grade long in use for structural
applications.

Anchor Rods and Threaded Rods

Since there is a limit on the maximum available length of A325 or A325M and
A490 or A490M bolts, the attempted use of these bolts for anchor rods with design
lengths longer than the maximum available lengths has presented problems in the
past. The inclusion of A449 and A354 materials in this Specification allows the use
of higher strength material for bolts longer than A325 or A325M and A490 or
A490M bolts. The designer should be aware that pretensioning of anchor rods is not
recommended due to relaxation and the potential for stress corrosion after
pretensioning.

The designer should specify the appropriate thread and SAE fit for threaded rods
used as load-carrying members.

Filler Metal and Flux for Welding

The filler metal specifications issued by the American Welding Society (AWS) are
general specifications which include filler metals suitable for building construc-
tion, as well as consumables that would not be suitable for building construction.
Forexample, some electrodes covered by the specifications are specifically limited
to single pass applications, while others are restricted to sheet metal applications.
Many of the filler metals listed are “low hydrogen,” that is, they deposit filler metal
with low levels of diffusible hydrogen. Other materials are not. Filler metals listed
under the various AWS A5 specifications may or may not have required impact
toughness, depending on the specific electrode classification. Section J2.6 has
identified certain welded joints where notch toughness of filler metal is needed in
building construction. However, on structures subject to dynamic loading, filler
metals may be required to deliver notch-tough weld deposits in other joints. Filler
metals may be classified in either the as-welded or post weld heat-treated
(stress-relieved) condition. Since most structural applications will not involve
stress relief, it is important to utilize filler materials that are classified in conditions
similar to those experienced by the actual structure.

When specifying filler metal and/or flux by AWS designation, the applicable stan-
dard specifications should be carefully reviewed to assure a complete understand-
ing of the designation reference. This is necessary because the AWS designation
systems are not consistent. For example, in the case of electrodes for shiclded metal
arc welding (AWS A5.1), the first two or three digits indicate the nominal tensile
strength classification, in ksi, of the filler metal and the final two digits indicate the
type of coating. For metric designations, the first two digits times 10 indicate the
nominal tensile strength classification in MPa. In the case of mild steel electrodes
for submerged arc welding (AWS A5.17), the first one or two digits times 10 indi-
cate the nominal tensile strength classification for both U.S. Customary and metric
units, while the final digit or digits times 10 indicate the testing temperature in
degrees F (degrees Celsius), for filler metal impact tests. In the case of low-alloy
steel covered arc welding electrodes (AWS A5.5), certain portions of the designa-
tion indicate a requircment for stress relief, while others indicate no stress relief
requirement.

Engineers do not, in general, specify the exact filler metal to be employed on a par-
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ticular structure. Rather, the decision as to which welding process and which filler
metal is to be utilized is usually left with the fabricator or erector. To ensure that the
proper filler metals are used, codes restrict the usage of certain filler materials, or
impose qualification testing to prove the suitability of the specific electrode.

LOADS AND LOAD COMBINATIONS

The load factors and load combinations are developed in Ellingwood, MacGregor,
Galambos, and Cornell (1982) based on the recommended minimum loads given in
ASCE 7 (ASCE, 1998).

The load factors and load combinations recognize that when several loads act in
combination with the dead load (e.g., dead plus live plus wind), only one of these
takes on its maximum lifetime value, while the other load is at its “arbitrary
point-in-time value” (i.e., at a value which can be expected to be on the structure at
any time). For example, under dead, live, and wind loads the following combina-
tions are appropriate:

Y,D+7,L (C-A4-1)
YoD+Y, L, +VwW (C-A4-2)
YoD+v, L+vy, W, (C-A4-3)

where v is the appropriate load factor as designated by the subscript symbol.Sub-
script a refers to an “arbitrary point-in-time” value.

The mean value of arbitrary point-in-time live load L, is on the order of 0.24 to 0.4
times the mean maximum lifetime live load L for many occupancies, but its disper-
sion is far greater. The arbitrary point-in-time wind load W,, acting in conjunction
with the maximum lifetime live load, is the maximum daily wind. It turns out that
Yw, W, is a negligible quantity so only two load combinations remain:

1.2D+1.6L (C-A4-4)
S 1.2D + 0.5L +[LW (C-A4-5)

The load factor 0.5 assigned to L in the second formula reflects the statistical prop-
erties of L,, but to avoid having to calculate yet another load, it is reduced so it can
be combined with the maximum lifetime wind load.

The nominal loads D, L, W, E, and S are the code loads or the loads givenin ASCE 7.
The latest edition of the ASCE 7 Standard on structural loads released in 1998 has
adopted, in most aspects, the seismic design provisions from NEHRP (1997), as has
the AISC Seismic Provisions for Structural Steel Buildings (AISC, 1997 and 1999).
The reader is referred to the commentaries to these documents for an expanded dis-
cussion on seismic loads, load factors, and seismic design of steel buildings.
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DESIGN BASIS

Required Strength at Factored Loads

LRFD permits the use of both elastic and plastic structural analyses. LRFD provi-
sions result in essentially the same methodology for, and end product of, plastic
design as included in the AISC ASD Specification (AISC, 1989) except that the
LRFD provisions tend to be slightly more liberal, reflecting added experience and
the results of further research. The 10 percent redistribution permitted is consistent
with that in the AISC ASD Specification (AISC, 1989).

In some circumstances, as in the proportioning of the bracing members that carry
no calculated forces (see Section C3) and of connection components (see Section
J1.7), the required strength is explicitly stated in the Specification.

Limit States

A limit state is a condition which represents the limit of structural usefulness. Limit
states may be dictated by functional requirements, such as maximum deflections or
drift; they may be conceptual, such as plastic hinge or mechanism formation; or
they may represent the actual collapse of the whole or part of the structure, such as
fracturc or instability. Dcsign critcria cnsurc that a limit statc is violatcd only with
an acceptably small probability by selecting the combination of load and resistance
factors and nominal load and resistance values which will never be exceeded under
the design assumptions.

Two kinds of limit states apply for structures: limit states of strength which define
safety against extreme loads during the intended life of the structure, and limit
states of serviceability which define functional requirements. The LRFD Specifica-
tion, like other structural codes, focuses on the limit states of strength because of
overriding considerations of public safety for the life, limb, and property of human
beings. This does not mean that limit states of serviceability are not important to the
designer, who must equally ensure functional performance and economy of design.
However, these latter considerations permit more exercise of judgment on the part
of designers. Minimum considerations of public safety, on the other hand, are not
matters of individual judgment and, therefore, specifications dwell more on the
limit states of strength than on the limit states of serviceability.

Limit states of strength vary from member to member, and several limit states may
apply to a given member. The following limit states of strength are the most com-
mon: onset of yielding, formation of a plastic hinge, formation of a plastic mecha-
nism, overall frame or member instability, lateral-torsional buckling, local buck-
ling, tensile fracture, development of fatigue cracks, deflection instability,
alternating plasticity, and excessive deformation. The most common serviceability
limit states include unacceptable elastic deflections and drift, unacceptable vibra-
tions, and permanent deformations.

Design for Strength
The general format of the LRFD Specification is given by the formula:

ZYIQI S ¢Rn (C'AS' l )
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where
z = summation
i = type of load, i.c., dead load, live load, wind, etc.
O, =nominal load effect
Yi = load factor corresponding to Q;
2v:Q; = required strength
R, =nominal strength
Lo} = resistance factor corresponding to R,

OR, =design strength

The left side of Equation C-A5-1 represents the required resistance computed by
structural analysis based upon assumed loads, and the right side of Equation
C-A5-1 represents a limiting structural capacity provided by the selected members.
InLRFD, the designer compares the effect of factored loads to the strength actually
provided. The term design strength refers to the resistance or strength ¢R,, that must
be provided by the selected member. The load factors yand the resistance factors ¢
reflect the fact that loads, load effects (the computed forces and moments in the
structural clements), and the resistances can be determined only to imperfect
degrees of accuracy. The resistance factor ¢ is equal to or less than 1.0 because there
isalways a chance for the actual resistance to be less than the nominal value R,,com-
puted by the equations given in Chapters D through K. Similarly, the load factors y
reflect the fact that the actual load effects may deviate from the nominal values of Q;
computed from the specified nominal loads. These factors account for unavoidable
inaccuracies in the theory, variations in the material properties and dimensions, and
uncertainties in the determination of loads. They provide a margin of reliability to
account for unexpected loads. They do not account for gross error or negligence.

The LRFD Specification is based on (1) probabilistic models of loads and resis-
tance, (2) a calibration of the LRFD criteria to the 1978 edition of the AISC ASD
Specification for selected members, and (3) the evaluation of the resulting criteria
by judgment and past experience aided by comparative design office studies of
representative structures.

The following is a brief summary of the probabilistic basis for LRFD (Ravindra and
Galambos, 1978, and Ellingwood, MacGregor, Galambos, and Cornell, 1982). The
load effects () and the resistance factors R are assumed to be statistically independ-
ent random variables. In Figure C-AS5.1, frequency distributions for Q and R are
portrayed as separate curves on a common plot for a hypothetical case. As long as
the resistance R is greater than (to the right of) the effects of the loads (), a margin of
safety for the particular limit state exists. However, because O and R are random
variables, there is some small probability that R may be less than O, (R<Q). The
probability of this limit state is related to the degree of overlap of the frequency dis-
tributions in Figure C-A5. 1, which depends ontheir relative positioning (R, vs. O,,)
and their dispersions.

Anecquivalent situation may be represented as in Figure C-A5.2. If the expression R
< 1isdivided by O and the result expressed logarithmically, the result will be a sin-
gle frequency distribution curve combining the uncertaintics of both R and Q. The
probability of attaining a limit state (R < ) is equal to the probability that In (R /
()< 0 and is represented by the shaded area in the diagram.
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The shaded area may be reduced and thus reliability increased in either of two
ways: (1) by moving the mean of In (R /() to the right, or (2) by reducing the spread
of the curve fora given position of the mean relative to the origin. A convenient way
of combining these two approaches is by defining the position of the mean using the
standard deviation of In (R /() as the unit of measure. Thus, the distance from the
origin to the mean is measured as the number of standard deviations of the function
In(R/Q). As showninFigure C-A5.2, thisis stated as B timesG m(r/Q) - the standard
deviation of In (R /Q). The factor [ therefore is called the “reliability index.”

If the actual shape of the distribution of In (R / Q) were known, and if an acceptable
value of the probability of reaching the limit state could be agreed upon, one could
establish a completely probability-based set of design criteria. Unfortunately, this
much information frequently is not known. The distribution shape of each of the
many variables (material, loads, etc.) has an influence on the shape of the distribu-
tionofIn(R/Q). Oftenonly the means and the standard deviations of the many vari-
ables involved in the makeup of the resistance and the load effect can be estimated.
However, this information is enough to build an approximate design criterion
which is independent of the knowledge of the distribution, by stipulating the fol-
lowing design condition:

FREQUENCY

R |

A~/ |

| |

| |

! !

0 Q. — R

"OVERLAP "
RESISTANCE R
LOAD EFFECT Q

Fig C-A5.1. Irequency distribution of load effect Q and resistance R.
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1
0 [In(R/Q) I n(R/Q)

In(R/Q)

Fig C-A5.2. Definition of Reliability Index.
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BO k10 = B +1) <In(R,/0,) (C-A5-2)

In this equation, the standard deviation has been replaced by the approximation

[V +V; ., where Vg =6 / Ry andVy =6¢ / O (Grand o are the standard devi-
ations, R,, and (J,, are the mean values, V'; and ;, are the coefficients of variation,
respectively, of the resistance R and the load effect Q). For structural elements and
the usual loading, R,,, O,,, and the coefficients of variation, V', and V;,, can be esti-
mated, so a calculation of

In(R,,/
B = w (C-A5-3)
NENE

will give a comparative value of the measure of reliability of a structure orcomponent.

The description of the determination of B as given above is a simple way of defining
the probabilistic method used in the development of LRFD. A more refined
method, which can accommodate more complex design situations (such as the
beam-column interaction equation) and include probabilistic distributions other
than the lognormal distribution used to derive Equation C-A5-3, has been devel-
oped since the publication of Ravindra and Galambos (1978), and is fully described
in Galambos, Ellingwood, MacGregor, and Cornell (1982). This latter method has
been used in the development of the recommended load combinations in ASCE 7.
The two methods give essentially the same P values for most steel structural mem-
bers and connections.

Statistical properties (mean values and coefficients of variations) are presented for
the basic material properties and for steel beams, columns, composite beams, plate
girders, beam-columns, and connection elements in a series of eight articles in the
September 1978 issue of the Journal of the Structural Division of ASCE (Vol. 104,
ST9). The corresponding load statistics are given in Galambos, et al. (1982). Based
on these statistics, the values of [ inherent in the 1978 edition of the AISC ASD
Specification were evaluated under different load combinations (live/dead,
wind/dead, etc.), and for various tributary areas for typical members (beams, col-
umns, beam-columns, structural components, etc.). As might be expected, there
was a considerable variation in the range of B values. Examination of the many [
values associated with ASD revealed certain trends. For example, compact rolled
beams (flexure) and tension members (yielding) had B values that decreased from
about3.latL/D=0.50t02.4atL/D=4. Thisdecreaseis aresult of ASD applying
the same factor to dead load, which is relatively predictable, and live load, which is
more variable. For bolted or welded connections, 3 was on the orderof 4 to 3. Reli-
ability indices for load combinations involving wind and carthquake loads tended
to be lower. Based on a thorough assessment of implied reliabilities in existing
acceptable design practice, common load factors for various structural materials
(steel, reinforced concrete, etc.) were developed in Ellingwood et al. (1982).

One of the features of the probability-based method used in the development of
LRFD is that the variations of B values can be reduced by specifying several
“target” B values and selecting multiple load and resistance factors to meet these
targets. The Committee on Specifications set the point at which LRFD is calibrated
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to ASD at L./ D = 3.0 for braced compact beams in flexure and tension members at
yield. The resistance factor, ¢, for these limit states is 0.90, and the implied B is
approximately 2.6 for members and 4.0 for connections; this larger 5 value for con-
nections reflects the fact that connections are expected to be stronger than the mem-
bers that they connect. Limit states for other members are handled consistently.

Computer methods as well as charts are given in Ellingwood et al. (1982) forthe use
of specification writers to determine the resistance factors ¢. These factors can also
be approximately determined by the following:

¢o=(R,/R,)exp (-0.5587) (C-A5-4)*

where

R, = mean resistance
R, = nominal resistance according to the equations in Chapters D through K
V, = coefficient of variation of the resistance

Design for Serviceability and Other Considerations

Nominally, serviceability should be checked at the unfactored loads. For combina-
tions of gravity and wind or seismic loads some additional reduction factor may be
warranted.

*Note that exp(x) is identical to the more familiar ¢*
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CHAPTER B

DESIGN REQUIREMENTS

NET AREA

Critical net area is based on net width and load transfer at a particular chain.

EFFECTIVE AREA OF TENSION MEMBERS

Section B3 deals with the effect of shear lag, which is applicable to both welded and
bolted tension members. The reduction coefficient U is applied to the net area 4,, of
bolted members and to the gross area 4, of welded members. As the length of con-
nection / is increased, the shear lag effect is diminished. This concept is expressed
empirically by the equation for U. Munse and Chesson (1963) have shown that
using this expression to compute an effective area, with few exceptions, the
estimated strength of some 1,000 bolted and riveted connection test specimens cor-
related with observed test results within a scatterband of +10 percent. Newer
rescarch (Easterling and Gonzales, 1993) provides further justification for current
provisions.

For any given profile and connected clements, X is a fixed geometric property. It is
iltustrated as the distance from the connection plane, or face of the member, to the
centroid of the member section resisting the connection force. See Figure C-B3.1.
The length/ is dependent upon the number of fasteners or equivalent length of weld
required to develop the given tensile force, and this in turn is dependent upon the
mechanical properties of the memberand the capacity of the fasteners or weld used.
The length / is itlustrated as the distance, parallel to the line of force, between the
first and last fasteners in a line forbolted connections. The number of bolts in a line,
for the purpose of the determination of /, is determined by the line with the maxi-
mum number of bolts in the connection. For staggered bolts, the out-to-out dimen-
sionisused for/. See Figure C-B3.2. There is insufficient data to establish a value of
U if all lines have only one bolt, but it is probably conservative to use A.equal to the
net area of the connected element. For welded connections, / is the length of the
weld parallel to the line of force. For combinations of longitudinal and transverse
welds (see Figure C-B3.3), / is the length of longitudinal weld because the trans-
verse weld has little or no effect on the shear lag problem, i.c., it does little to get the
load into the unattached portions of the member.

Previous issues of this Specification have presented values for U for bolted or
riveted connections of W, M, and S shapes, tees cut from these shapes, and other
shapes. These values are acceptable for use in lieu of calculated values and are
retained here for the convenience of designers.

For bolted or riveted connections the following values of U may be used:

(a) W, M, or S shapes with flange widths not less than two-thirds the depth, and
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structural tees cut from these shapes, provided the connection is to the flanges
and has no fewer than three fasteners per line in the direction of stress, U/
=0.90.

W, M, or S shapes not meeting the conditions of subparagraph a, structural tees
cut from these shapes, and all other shapes including built-up cross sections,
provided the connection has no fewer than three fasteners per line in the direc-
tion of stress, U/ = 0.85.

T
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Fig. C-B3.1. Determination of x for U.
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(c) All members having only two fasteners per line in the direction of stress, U =
0.75.

When a tension load is transmitted by fillet welds to some but not all elements of a
cross section, the weld strength will control.

LOCAL BUCKLING

For the purposes of this Specification, steel sections are divided into compact
sections, noncompact sections, and sections with slender compression elements.
Compact sections are capable of developing a fit/ly plastic stress distribution and
they possess a rotational capacity of approximately 3 before the onset of local buck-
ling (Yura, Galambos, and Ravindra, 1978). Noncompact sections can develop the
yield stress in compression elements before local buckling occurs, but will not
resist inelastic local buckling at the strain levels required for a fully plastic stress
distribution. Slender compression elements buckle elastically before the vield
stress is achieved.

The dividing line between compact and noncompact sections is the limiting
width-thickness ratio A,. For a section to be compact, all of its compression ele-
ments must have width-thickness ratios equal to or smaller than the limiting A,,.

Use out-to-out
distance
forl

Fig C-B3.2. Staggered holes.
T

o

Fig. C-B3.3. Longitudinal and transverse welds.
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Limiting Width-Thickness Ratios for Compression
Elements

Width- Limiting Width-thickness Ratios 2,
Description of Thickness
Element Ratio Non-seismic Seismic
Flanges of I-shaped sections b/t
(including hybrid sections) and 0.38E/Fy 0.31yE/Fy
channels in flexure [a]
Webs in combined flexural and hity For P, / ¢5Py, <0125

axial compression

3.76

505 |E 1_1.54Pu]
Fy L 9Py

For P, / 65Py >0.125

112 /5 [2.33—'3“] >1.49 /5
F.V ¢DP,V F.V

E [, 2756, ]
Fy L 9Py

[a] For hybrid beams use F+in place of F,

A greater inelastic rotation capacity than provided by the limiting values A, given in
Table C-B5.1 may be required for some structures in areas of high seismicity. It has
been suggested that in order to develop a ductility of from 3 to 5 ina structural mem-
ber, ductility factors for elements would have to lie in the range of 5 to 15. Thus, in
this case it is prudent to provide for an inelastic rotation of 7 to 9 times the clastic
rotation (Chopra and Newmark, 1980). Inorder to provide for this rotation capacity,
the limits A, for local flange and web buckling would be as shown in Table C-B5.1
(Galambos, 1976).

More information on seismic design is contained in the AISC Seismic Provisions
Jor Structural Steel Buildings (AISC, 1997) and the Seismic Provisions for Struc-
tural Steel Buildings Supplement No. I (AISC, 1999).

Another limiting width-thickness ratio is A, representing the distinction between
noncompact sections and sections with slender compression elements. As long as
the width-thickness ratio of a compression element does not exceed the limiting
value A,, local elastic buckling will not govern its strength. However, forthose cases
where the width-thickness ratios exceed A, elastic buckling strength must be con-
sidered. A design procedure for such slender-eclement compression sections, based
on elastic buckling of plates, is given in Appendix B5.3. The effective width Equa-
tion A-B5-12 applies strictly to stiffened elements under uniform compression. It
does not apply to cases where the compression element is under stress gradient. A
method of dealing with the stress gradient in a compression element is provided in
Section B2 of the AISI Specification for the Design of Cold-Formed Steel Struc-
tural Members (1996). Exceptions are girders with slender webs. Such plate girders
arc capable of developing postbuckling strength in excess of the clastic buckling
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load. A design procedure for plate girders including tension field action is given in
Appendix G.

The values of the limiting ratios A, and A, specified in Table B5. 1 are similar to those
in AISC (1989) and Table 2.3.3.3 of Galambos (1976), except that: (1) A, =
038./E/ F,, limited in Galambos (1976) to indeterminate beams when moments
are determined by clastic analysis and to determinate beams, was adopted for all
conditions on the basis of Yura et al. (1978); and (2) A,= 0.045FE/F, for plastic
design of circular hollow sections was obtained from Sherman (1976).

The high shape factor for circular hollow sections makes it impractical to use the
same slenderness limits to define the regions of behavior for different types of load-
ing. In Table B5.1, the values of A, for a compact shape that can achieve the plastic
moment, and A, for bending, are based on an analysis of test data from several proj-
ects involving the bending of pipes in a region of constant moment (Sherman and
Tanavde, 1984, and Galambos, 1998). The same analysis produced the equation for
the inelastic moment capacity in Table A-F1.1 in Appendix F1. However, a more
restrictive value of A, is required to prevent inelastic local buckling from limiting
the plastic hinge rotation capacity needed to develop a mechanism in a circular hol-
low beam section (Sherman, 1976).

The values of A, for axial compression and for bending are both based on test data.
The former value has been used in building specifications since 1968 (Winter,
1970). Appendices B5 and F1 also limit the diameter-to-thickness ratio for any cir-
cular section to 0.45F/F;. Beyond this, the local buckling strength decreases rap-
idly, making it impractical to use these sections in building construction.

Following the SSRC recommendations (Galambos, 1998) and the approach used
for other shapes with slender compression elements, a O factor is used for circular
sections to account for interaction between local and column buckling. The Q fac-
tor is the ratio between the local buckling stress and the yield stress. The local buck-
ling stress for the circular section is taken from the inelastic AISI criteria (Winter,
1970) and is based on tests conducted on fabricated and manufactured cylinders.
Subsequent tests on fabricated cylinders (Galambos, 1998) confirm that this equa-
tion is conservative.

The definitions of the width and thickness of compression elements agree with the
1978 AISC ASD Specification with minor modifications. Their applicability
extends to sections formed by bending and to unsy mmetrical and hybrid sections.

For built-up I-shaped sections under axial compression, modifications have been
made to the flange local buckling criterion to include web-flange interaction. The k.
in the A, limit, in Equations A-B3-7 and A-B5-8 and the clastic buckling Equation
A-B5-8 are the same that are used for flexural members. Theory indicates that the
web-flange interaction in axial compression is at least as severe as in flexure.
Rolled shapes are excluded from this criterion because there are no standard sec-
tions with proportions where the interaction would occur. In built-up sections
where the interaction causes a reduction in the flange local buckling strength, it is
likely that the web is also a thin stiffened element.

The %, factor accounts for the interaction of flange and web local buckling demon-
strated in experiments conducted by Johnson (1985). The maximum limit of 0.763
corresponds to /.. = 0.69E / A* which was used as the local buckling strength in
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carlier editions of both the ASD and LRFD Specifications. An /# / f,, = 27.5 is
required to reach k£, = 0.763. Fully fixed restraint for an unstiffened compression
element corresponds to k. = 1.3 while zero restraint gives k. = 0.42. Because of
web-flange interactions it is possible to get k. < 0.42 from the new k. formula. If
hit,>370E/F, useh/t,=570,/E/F, inthe k. equation, which corresponds
to the 0.35 limit.

[ustrations of some of the requirements of Table B5.1 are shown in Figure C-B5.1.

LIMITING SLENDERNESS RATIOS

Chapters D and E provide reliable criteria for resistance of axially loaded members
based on theory and confirmed by tests for all significant parameters including
slenderness. The advisory upper limits on slendemess contained in Section B7 are
based on professional judgment and practical considerations of economics, case of
handling, and care required to minimize inadvertent damage during fabrication,
transport, and erection. Out-of-straightness within reasonable tolerances does not
affect the strength of tension members, and the effect of out-of-straightness within
specified tolerances on the strength of compression members is accounted for in
formulas for resistance. Applied tension tends to reduce, whereas compression
tends to amplify, out-of-straightness. Therefore, more liberal criteria are suggested
for tension members, including those subject to small compressive forces resulting
from transient loads such as carthquake and wind. For members with slenderness
ratios greater than 200, these compressive forces correspond to ¢ ./, less than 5.33
ksi (18 MPa).
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Fig C-B5.1 Selected examples of Table B5.1 requirements.
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CHAPTERC

FRAMES AND OTHER STRUCTURES

SECOND ORDER EFFECTS

While resistance to wind and seismic loading can be provided in certain buildings
by means of shear walls, which also provide for overall frame stability at factored
gravity loading, other building frames must provide this resistance by frame action.
This resistance can be achieved in several ways, ¢.g., by a system of bracing, by a
moment-resisting frame, orby any combination of lateral force-resisting elements.

For frames under combined gravity and lateral loads, drift (horizontal deflection
caused by applied loads) occurs at the start of loading. At a given value of the
applied loads, the frame has a definite amount of drift A. In unbraced frames, addi-
tional secondary bending moments, known as the PA moments, may be developed
in the columns and beams of the lateral load-resisting systems in cach story. P is the
total gravity load above the story and A is the story drift. As the applied load
increases, the PA moments also increase. Therefore, the PA effect must often be
accounted for in frame design. Similarly, inbraced frames, increases in axial forces
occur in the members of the bracing systems; however, such effects are usually less
significant. The designer should consider these effects for all types of frames and
determine if they are significant. Since PA effects can cause frame drifts to be larger
than those calculated by ignoring them, they should also be included in the service
load drift analysis when they are significant.

In unbraced frames designed by plastic analysis, the limit of 0.75¢.P, on column
axial loads has been retained to help ensure stability.

The designer may use second-order elastic analysis to compute the maximum fac-
tored forces and moments in a member. These represent the required strength.
Alternatively, for structures designed on the basis of elastic analysis, the designer
may use first order analysis and the amplification factors B, and B;.

In the general case, a member may have first order moments not associated with
sidesway which are multiplied by B,, and first order moments produced by forces
causing sidesway which are multiplied by 5,.

The factor B, applies only to moments caused by forces producing sidesway and is
calculated for an entire story. In building frames designed to limit A,/ L to a prede-
termined value, the factor B, may be found in advance of designing individual
members.

Drift limits may also be set for design of various categories of buildings so that the
effect of secondary bending can be insignificant (Kanchanalai and Lu, 1979, and
ATC, 1978). It is conservative to use the B, factor with the sum of the sway and the
no-sway moments, i.c., with M, + AM,,,.
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The two kinds of first order moment A, and M), may both occur in sidesway frames
from gravity loads. M,, is defined as a moment developed in a member with frame
sidesway prevented. If a significant restraining force is necessary to prevent
sidesway of an unsymmetrical structure (or an unsymmetrically loaded symmetri-
cal structure), the moments induced by releasing the restraining force will be A4,
moments, to be multiplied by 5,. In most reasonably symmetric frames, this effect
will be small. If such a moment B, is added algebraically to the B,A,, moment
developed with sidesway prevented, a fairly accurate value of M, will result. End
moments produced in sidesway frames by lateral loads from wind or earthquake
will always be A, moments to be multiplied by 5;.

When first order end moments in members subjected to axial compression are mag-
nified by B, and B, factors, equilibrium requires that they be balanced by moments
in connected members (Figure C-C1.1). This can generally be accomplished satis-
factorily by distributing the difference between the magnified moment and the first
order moment to any other moment-resisting members attached to the compressed
member (or members) in proportion to the relative stiffness of the uncompressed
members. Minor imbalances may be neglected in the judgment of the engineer.
However, complex conditions, such as occur when there is significant magnifica-
tioninseveral members meeting at a joint, may require a second order elastic analy-
sis. Connections shall also be designed to resist the magnified end moments.

The center-to-center member length is usually used in the structural analysis. In
braced and unbraced frames, P, is governed by the maximum slenderness ratio
regardless of the plane of bending. However, P, and P, are always calculated using
the slenderness ratio in the plane of bending. Thus, when flexure is about the strong

— — First order moment

P yitity w divid

Total moment

= H Boy Moy
5t

Bi Mo SB,M
\\ /72 '<— 2V

//
=~ l=

@ (b)
Fig. C-C1.1. Moment amplification.
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axis only, two different vatues of slenderness ratio may be involved in solving a
given problem.

When second order analysis is used, it must account for the interaction of the fac-
tored load effects, that is, combinations of factored loads must be used in analysis.
Superposition of forces obtained from separate analyses is not adequate.

Whenbending occurs about both the x and the y axes, the required flexural strength
calculated about each axis is adjusted by the value of C,, and P,, or P, corresponding
to the distribution of moment and the slenderness ratio in its plane of bending, and is
then taken as a fraction of the design bending strength, ¢4, about that axis, with due
regard to the unbraced length of the compression flange where this is a factor.

Equations C1-2 and C1-3 approximate the maximum second order moments in
compression members with no relative joint translation and no transverse loads
between the ends of the member. This approximation is compared to an exact solu-
tion (Ketter, 1961) inFigure C-C1.2. Forsingle curvature, Equation C1-3 is slightly
unconservative, for a zero end moment it is almost exact, and for double curvature it
is conservative. The 1978 AISC ASD Specification imposed the limit C,, = 0.4
which corresponds to a M, /A, ratio of 0.5. However, Figure C-C1.2 shows that if,
forexample, M, /M, = 0.8, the C,, = 0.28 is already very conservative, so the limit
has been removed. The limit was originally adopted from Austin (1961), which was
intended to apply to lateral-torsional buckling, not second-order in-plane bending
strength. The AISC Specifications, both in the 1989 ASD and LRFD, use a modifi-
cation factor C, as given in Equation F1-3 for lateral-torsional buckling. C, is
approximately the inverse of C,, as presented in Austin (1961) with a 0.4 limit. In

1.0
! } 08
/ = o= =y 05 T
. z Z _ === "}
’d - T - /
/ ”~ ’X
7”7
06 # 7 A Ketter, 1961 |
/ g 2/ 7 ’
4y 7 g 1 0.6 -0.4(M;/M,)
0.4 7 4 . /| 1-(P,/P,)
/, M M,
1 2
. /// —@mﬁ— P,
{0 / Mma
/ M1 L//q M2
0 | | |
0 1 2 3 4 5
Mpax
M,

Fig, C-C1.2. Second-order moments for beam-columns in braced frames.
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_ TABLE C-C1.1
Amplification Factors y and C,
Case v C,
__F:III:I:I:I:III:I:I:IIIIII‘_E" 0 10
%
2 P
__*_LLLLLLLLLLLLLLLLLL;_ -0.4 104,
/ V,
gllllllllllllllllllg 04 1_0_4&1
7 2 ’
i P,
I I -0.2 1-02,"
L
/2 ; 023 1—0.3/’:—“1
) 2
/
g ‘ % 0.2 1—0.2":,—“1

Galambos (1961) it was pointed out that Equation C1-3 could be used for in-plane
second order moments if the 0.4 limit was eliminated. Unfortunately, Austin (1961)
was misinterpreted and a lateral-torsional buckling solution was used for an
in-plane second-order analysis. This oversight has now been corrected.

For beam columns with transverse loadings, the second-order moment can be
approximated by using the following equation

Cw =l+yP, /P,
for simply supported members
where
M,L?

8, = maximum deflection due to transverse loading, in. (mm)
M, = maximum factored design moment between supports due to transverse
loading, kip-in. (N-mm)

For restrained ends, some limiting cases are given in Table C-C1.1 together with
two cases of simply supported beam-columns (Iwankiw, 1984). These values of C,,
are always used with the maximum moment in the member. For the restrained-end
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cases, the values of B, will be most accurate if values of K < 1.0 corresponding to
the end boundary conditions are used in calculating P,,. In licu of using the equa-
tions above, C,, = 1.0 can be used conservatively for transversely loaded members
with unrestrained ends and 0.85 for restrained ends.

If, as inthe case of a derrick boom, a beam-column is subject to transverse (gravity)
load and a calculable amount of end moment, the value &, should include the deflec-
tion between supports produced by this moment.

Stiffness reduction adjustment due to column inelasticity is permitted.

FRAME STABILITY

The stability of structures must be considered from the standpoint of the structure as
a whole, including not only the compression members, but also the beams, bracing
system, and connections. The stability of individual elements must also be pro-
vided. Considerable attention has been given in the technical literature to this sub-
ject, and various methods of analysis are available to assure stability. The Guide to
Stability Design Criteria for Metal Structures (Galambos, 1998) considers the sta-
bility of individual elements, and the effects of individual elements on the stability
of the structure as a whole.

The effective length concept is one method of estimating the interaction effects of
the total frame on a compression element being considered. This concept uses K
factors to equate the strength of a framed compression element of length Z to an
equivalent pin-ended member of length K7 subject to axial load only. Other rational
methods are available for evaluating the stability of frames subject to gravity and
side loading and individual compression members subject to axial load and
moments. Although the concept is completely valid for ideal structures, its practi-
cal implementation involves several assumptions of idealized conditions which
will be mentioned later.

Two conditions, opposite in their effect upon column strength under axial loading,
must be considered. If enough axial load is applied to the columns in an unbraced
frame dependent entirely on their own bending stiffness for resistance to lateral
deflection of the tops of the columns with respect to theirbases (see Figure C-C2.1),
the effective length of these columns will exceed the actual length. On the other
hand, if the same frame were braced to resist such lateral movement, the effective
length would be less than the actual length, due to the restraint (resistance to joint
translation) provided by the bracing or other lateral support. The ratio K, effective
column length to actual unbraced length, may be greater or less than 1.0.

The theoretical K values for six idealized conditions in which joint rotation and
translation are either fully realized or nonexistent are tabulated in Table C-C2.1.

Also shown are suggested design values recommended by the Structural Stability
Research Council (SSRC) for use when these conditions are approximated in actual
design. In general, these suggested values are slightly higher than their theoretical
equivalents, since joint fixity is seldom fully realized.

If the column base in Case (f) of Table C-C2.1 were truly pinned, XK would actually
exceed 2.0 foraframe suchas that pictured in Figure C-C2. 1, because the flexibility
of the horizontal member would prevent realization of full fixity at the top of the
column. On the other hand, it has been shown (Galambos, 1960) that the restraining
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Table C-C2.1
K Values for Columns
Buckled shape of column is )] () (@ (e) (f)
shown by dashed line. l I l I l l l I
L P i
7 1
:l '.,' \\ /: I:
H ] 3 H !
1 ] 1 H ]
1 H ]
! / } { !
H H 1 I H
: H ! i !
Theoretical Kvalue 0.7 1.0 1.0 2.0 2.0
Recommended design
value when ideal conditions 0.65 0.80 1.2 1.0 210 2.0
are approximated

End condition code

Rotation fixed and translation fixed

Rotation free and translation fixed
Rotation fixed and translation free
Rotation free and translation free

influence of foundations, even where these footings are designed only for vertical
load, canbe very substantial in the case of flat-ended column base details with ordi-
nary anchorage. For this condition, a design K value of 1.5 would generally be con-

servative in Case (f).

While in some cases masonry walls provide enough lateral support for building
frames to control lateral deflection, light curtain wall construction and wide column
spacing can create a situation where only the bending stiffness of the frame pro-
vides this support. Inthis case the effective length factor K for an unbraced length of
column Z is dependent upon the bending stiffness provided by the other in-plane
members entering the joint at each end of the unbraced segment. If the combined
stiffness provided by the beams is sufficiently small, relative to that of the unbraced
column segments, K7 could exceed two or more story heights (Bleich, 1952).

Translation of the joints in the plane of a truss is inhibited and, due to end restraint,
the effective length of compression members might be assumed to be less than the
distance between panel points. However, it is usual practice to take K asequalto 1.0
(ASCE Task Committee on Effective Length, 1997). If all members of the truss
reached their ultimate load capacity simultancously, the restraints at the ends of the
compression members would be greatly reduced.

Several rational methods are available to estimate the effective length of the col-
umns in an unbraced frame with sufficient accuracy for design. These range from
simple interpolationbetween the idealized cases shown in Table C-C2.1 to compre-
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hensive analytical procedures. Once a trial selection of framing members has been
made, the use of the alignment chart in Figures C-C2.2a and b affords a fairly rapid
method for determining adequate X values. However, it should be noted that this
alignment chart is based upon assumptions of idealized conditions which seldom
exist in real structures (ASCE Task Committee on Effective Length, 1997). These
assumptions are as follows:

(1)
(2)
3)
“)

%)

(6)

Q)

)
©)

Behavior is purely elastic.
All members have constant cross section.
All joints are rigid.

Forbraced frames, rotations at opposite ends of beams are equal in magnitude,
producing single-curvature bending.

For unbraced frames, rotations at opposite ends of the restraining beams are
equal in magnitude, producing reverse-curvature bending (inflection point at
the beam midspan from lateral loading only).

The stiffness parameter L~/P / ET of all columns are equal.

Joint restraint is distributed to the column above and below the joint in propor-
tionto // L of the two columns.

All columns buckle simultancously.

No significant axial compression force exists in the girders.

The alignment chart for sidesway uninhibited shown in Figure C-C2.2b is based on
the following equation:

GaGg(n/K)' =36 (n/K) o
6(GA +GB) 1HII(TC/K)

N

(C-C2-1)

|
|
|
Pl P
I
K Hs=—=="]
| I
l |
L |l |
I |
/ I

i 7

Fig. C-C2.1. Column effective length.
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GA K GB
50.0 -1.0 50.0
10.0 1 E 10,0

5.0 E 5.0
3,0 T 09 F 30
2.0 1 L 2.0
| Lo |
1.0 4 L 1.0
0.8 - T - 0.8
0.7 - 0.7
0.6 - —— o 7 ™ 006
0.5- - 0.5
0.4 - 1 - 0,4
0.3 - 0.3
0.2 - 108 0.2
0.1 1 T - 0.1
0- Los Lo
SIDESWAY INHIBITED

Notes for Fig. C-C2.2a and b: The subscripts A and B refer to the joints at the two ends of the column
section being considered. G is defined as

_ZU: /L)
S(Iy/ Lg)

in which X indicates a summation of all members rigidly connected to that joint and lying on the
plane in which buckling of the column is being considered. I is the moment of inertia and L, the un-
supported length of a column section, and I is the moment of inertia and L, the unsupported length
of a girder or other restraining member. I and I are taken about axes perpendicular to the plane of
buckling being considered.

For column ends supported by but not rigidly connected to a footing or foundation, G is theoreti-
cally infinity, but, unless actually designed as a true friction-free pin, may be taken as “10” for
practical designs. If the column_end is rigidly attached to a properly designed footing, G may be

| taken as 1.0. Smaller values may be used if justified by analysis. |

Fig. C-C2.2a. Alignment chart for effective length of columns
in continuous frames — Sidesway Inhibited.
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100,0 - ?8:8 [ 100,0
50.0 - ~50.0
30.0 - 5.0 -30.0
20.0 - 40 -20.0
10.0 L 10.

9.0 30 Fod
8.0 ~-8.0
7.0 5 -7.0
6.0 1 -6.0
500 - ™~ 500
4,0 - 20 4.0
3.0 - -3.0
2.0 4 -2.0
] 15 i
‘00 = ™~ 1.0
0- 10 Lo
SIDESWAY UNINHIBITED

See Notes in Fig. C-C2.2a.

Fig. C-C2.2b. Aligmment chart for effective length of columns in
continuous frames — Sidesway Uninhibited.

with G defined as
B X(EIL),

= (C-C2-2)
L(EI/L)
4
The expression for G given in the footnote of the alignment chart has assumed that
F of the beams and columns are the same. However the alignment chart is valid for
different materials if Equation C-C2-2 isused. Anequation for the sidesway -inhib-
ited chart can be found in ASCE Task Committee on Effective Length (1997).
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Where the actual conditions differ from the assumptions above, unrealistic X fac-
tors may result. There are modifications available that may be used with Figure
C-C2.2b or Equation C-C2-1 to give buckling loads that better reflect the condi-
tions inreal structures (ASCE Task Committee on Effective Length, 1997 and Chen
and Lui, 1987). Some of the modifications are summarized below.

Columns loaded into the inclastic range of column behavior can be viewed as hav-
ing a tangent modulus £ that is smaller than £. For such columns, £./F, = F7/E in
Equation C-C2-2, which gives smaller G values, and therefore, smaller X factors
than those based on elastic behavior (assumption 1). It is conservative to base the
column design on elastic X factors. For less conservative solutions, inelastic X fac-
tors can be determined by using TF for F, in Equation C-C2-2 where 1= F//F is a
stiffness reduction factor (SRF). Yura (1971) and Disque (1973) showed that the
SRF could be determined from the ratio of the inelastic column design strength to
the elastic column design strength. Using the column design strengths ¢P, from
Equation E2-2 (inclastic) and E2-3 (elastic) gives

(a) For(P,/Py) S% (elastic); = 1.0

(b) For(P,/Py) >% (inclastic)

(F,1F)
T=-7.38(F,/F,)log - (C-C2-3)
: 0.85

where P, is the column squash load, (/,4,), and P, is the required column strength.
P, must not exceed ¢.P,.

When a beam connection at the column under consideration is a shear connection
(no moment), then that beam cannot be considered in the > (%//L), term of Equation
C-C2-2. Only FR connections can be used directly in the determination of G
(assumption 3). PR connections with a documented moment-rotation response
canbe utilized, but the (£7/L), of eachbeam must be adjusted to account for the con-
nection flexibility. ASCE Task Committee on Effective Length (1997) provides a
detailed discussion of frame stability with PR connections. PR connections cannot
be considered as rigid (FR) connections when assessing frame stability. Section A2
contains additional information on PR connections.

A beam stiffness of 6F//I. was used in the development of Equation C-C2-1
(assumption 5). For other values of beam stiffness, use m(FI/L), in determining G
where m = (actual girder stiffness coefficient)/6. When the far end of a girder has a
shear connection instead of a FR connection, m = 0.5. A general expression for m
when the inflection point from a lateral load analysis is located anywhere along the
girder span is available (ASCE Task Committee on Effective Length, 1997).

Compressive axial load in a girder reduces its stiffness, which will have an adverse
effect on K of the column (see assumption 9). To account for any compressive axial
load in a girder, the girder stiffness parameter (~7/L), in Equation C-C2-2 should be
modified by the factor

=
- = (C-C2-4)
[ ch
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where Q is the axial load in the girder and Q.. is the in plane buckling load of the
girderbased on K= 1.0. Tensile axial load in the girders can be ignored when deter-
mining G.

Sidesway instability of an unbraced frame is a story phenomenon involving the
sum of the sway resistances of each column in the story and the sum of the fac-
tored gravity loads in the columns in that story. If each column in a story of an
unbraced frame is designed to support its own P and PA moment, then all the col-
umns will buckle simultaneously (assumption8). Under this condition, there is no
interaction among the columns in the story; column sway instability and frame
instability occur at the same time. Framing sy stems can be used that redistribute
the story ZPA to the columns in that story in proportion to their individual
stiffnesses. In an unbraced frame that contains columns that contribute little or
nothing to the sway stiffness of the story, such columns can be designed using K’ =
1.0 (leaning columns), but the other columns in the story must be designed to sup-
port the destabilizing PA moments developed from the loads on such columns.
Similarly, more highly loaded columns in a story will redistribute some of their
PA moments to more lightly loaded columns.

Two methods for evaluating story frame stability are recognized, the story stiffness
method (LeMessurier, 1976 and 1977) and the story buckling method (Yura, 1971)
as reflected in Equations C1-4 and C1-5, respectively. For an individual column in
the sway-resisting system,

KL P,
)\f:(z_)Ang:_-’
k] P,

To account for the redistribution of the PA moments within a story, determine P, for
anindividual column in the sway-resisting system by substituting A", for ... where

v oKL B
C wr VE
and K’ is given below.
For the story stiffness method
P A
K’ = < __>pP oh C-C2-5
\/0.82213“ ‘ [ZHL) ( )
where
P, = n? El
L2

The 0.822 factor is the ratio of the lateral column shear force per radian of drift to
the buckling load of a sway permitted column with large end restraint, G = 0. This
factor will approach 1.0 for more flexible systems or systems with a large percent-
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age of leaner columns. Less conservative methods are given in ASCE Task Com-
mittee on Effective Length (1997). The term,

5 P,, A oh
ZHL

isa constant for all rigidly connected columns in a story and is the same termused in
Equation C1-4.

For the story buckling approach

ko |E[ZE (C-C2-6)
FAXE,

where(XP, / ZP,,) isthe same term found in Equation C1-5 and is a constant for all
rigidly-connected columns in a story.

The value of P, calculated using X’ by either method cannot be taken greater than P,
based on sidesway inhibited buckling. Additional simplified methods were givenin
the previous edition of this commentary. Although they are not repeated here, they
are equally valid within the limitations placed on them in that edition. A compari-
son of the influence of those methods may be found in Geschwindner (1994).

The theoretical K-factors that are less than 1.0 (Cases (a) and (b) in Table C-C2.1
and the sidesway inhibited alignment chart in Figure C-C2.2a), are based on the
assumption that there is no relative lateral movement of the ends of the column.
When bracing is proportioned by the requirements of Section C3, X equal to 1.0
should be used, not values less than 1.0, because a small relative movement of the
brace points is anticipated.

STABILITY BRACING
Scope

The design requirements consider two general types of bracing systems, relative
and nodal, as shownin Fig. C-C3.1. A relative column brace system (such as diago-
nal bracing or shear walls) is attached to two locations along the length of the col-
umn that defines the unbraced length. The relative brace system shown consists of
the diagonal and the strut that controls the movement at one end of the unbraced
length, A, with respect to the other end of the unbraced length, B. The diagonal and
the strut both contribute to the strength and stiffness of the relative brace system.
However, when the strut is a floor beam, its stiffness is large compared to the diago-
nal so the diagonal controls the strength and stiffness of the relative brace. A nodal
brace controls the movement only at the particular brace point, without direct inter-
action with adjacent braced points. Therefore to define an unbraced length there
must be additional adjacent brace points as shown in Figure C-C3.1. The two nodal
columnbracesat C and D that are attached to the rigid abutment define the unbraced
length for which K'= 1.0 canbe used. For beams a cross frame between two adjacent
beams at midspan is a nodal brace because it prevents twist of the beams only at the
particular cross frame location. The unbraced length is half the span length. The
twist at the ends of the two beams is prevented by the beam-to-column connections
at the end supports. Similarly, a nodal lateral brace attached at midspan to the top
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flange of the beams and a rigid support assumes that there is no lateral movement at
the column locations.

The brace requirements will enable a member to potentially reach a maximum load
based on the unbraced length between the brace points and XK'= 1.0. This is not the
same as the no-sway buckling load as illustrated in Figure C-C3.2 for the braced
cantilever. The critical stiffness is 1.0 P./L, corresponding to K’ = 1.0. A brace with
five times this stiffness is necessary to reach 95 percent of the X' = 0.7 limit. Theo-
retically, an infinitely stiff brace is required to reach the no-sway limit. Bracing
required to reach specified rotation capacities or ductility limits is beyond the scope
of these recommendations. Member inelasticity has no significant effect on the
brace requirements (Yura, 1995).

Winter (1958 and 1960) developed the concept of dual criterion for bracing design,
strength and stiffness. The brace force is a function of the initial column
out-of-straightness, A,, and the brace stiffness, B. For a relative brace system, the
relationship between column load, brace stiffness and sway displacement is shown
inFigure C-C3.3.If f = 3, the critical brace stiffness for a perfectly plumb member,
then P = P,only if the sway deflection gets very large. Unfortunately, such large dis-

P P P P agge

,s
l«—>
\
\
\
rigid abutment

-7 B D[ |
e 7
17 7 L’
st =1, 1\~diagonal --1
St Lt
Relative Nodal
Column Bracing
I 2L I - I -
/ T rigid
/ Ly support Ly
/ y
aup 7 .
N 7
\\ relative crossframe
\\ (nodal)
\ nodal
1= T 1= - -L
Lateral Bracing Torsional Brace
Beam Bracing

Fig. C-C3.1. Types of bracing.
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placements produce large brace forces. For practical design, A must be kept small at
the factored load level.

The brace stiffness requirements, B;,, for frames, columns, and beams were chosen
as twice the critical stiffness. The ¢ = 0.75 specified for all brace stiffness require-
ments is consistent with the implied resistance factor for elastic Euler columnbuck-
ling, i.c. 0.877 x ¢.=0.75. Forthe relative brace system shown in Figure C-C3.3, 3,
=2, gives P, =0.4% P, for A, =0.002L. If the brace stiffness provided, B..., is dif-
ferent from the requirement, then the brace force or brace moment can be multi-
plied by the following factor:

1

y_ By (C-C3-1)
B(ILI

No ¢ is specified in the brace strength requirements since ¢ is included in the com-
ponent design strength provisions in other chapters of this Specification.

The initial displacement, A,, for relative and nodal braces is defined with respect to
the distance between adjacent braces, as shown in Figure C-C3 4. The initial A, is a
displacement from the straight position at the brace points caused by sources other
than brace elongations from gravity loads or compressive forces, such as displace-
ments caused by wind or other lateral forces, erection tolerances, column shorten-

No sidesway K=0.7

7 Y SR thctashiit b e
P
e
1 +—K=10
ol K>1
0 1 2 3 4 5 6

T Brace Design BL/P,

Fig. C-C3.2. Braced cantilever.
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P :
P, 04 o
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Fig. C-C3.3. Effect of initial out-of-plumbness.
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ing, etc. The brace force recommendations for frames, columns and beam lateral
bracing are based on an assumed A,=0.002/, where L is the distance between adja-
cent brace points. For torsional bracing of beams, an initial twist angle, 6,, is
assumed where 6,=0.002L/h,, and 1, is the distance between flange centroids. For
other A, and 6, values, use direct proportion to modify the brace strength require-
ments, P, and M,,. For cases where it is unlikely that all columns in a story are
out-of-plumb in the same direction, Chenand Tong (1994) recommend an average
A, =0.002L/ «/n, where n, columns, each with a random A, are to be stabilized by
the brace system. This reduced A, would be appropriate when combining the stabil-
ity brace forces with wind and seismic forces.

Brace connections, if they are flexible or can slip, should be considered in the evalu-
ation of the bracing stiffness as follows:

1 1 1
+

Bacl B conn B brace

The brace system stiffness, B, is less than the smaller of the connection stiffness,
Beons OF the stiffness of the brace, Byqc. Slip in connections with standard holes need
not be considered except whenonly a few bolts are used. When evaluating the brac-
ing of rows of columns or beams, consideration must be given to the accumulation
of the brace forces along the length of the brace that results in a different displace-
ment at cachbeam or column location. In general, brace forces canbe minimized by
increasing the number of braced bays and using stiff braces.

(C-C3-2)

Columns

For nodal column bracing, the critical stiffness is a function of the number of inter-
mediate braces (Winter, 1958 and 1960). For one intermediate brace, B, = 2P/L,,
and for many braces ;= 4P/L,. The relationship between the critical stiffness and
the number of braces, 77, can be approximated (Yura, 1995) as 3, = N.P/L,, where N,
=4 —2/n. The most severe case (many braces) was adopted for the brace stiffness
requirement, .= 2 X 4P/L,;. The brace stiffness, Equation C3-6, canbe reduced by
the ratio, N/4, to account for the actual number of braces.

brace

brace

z
le— Ay —>|
A+A, —»

Fig. C-C3.4. Definitions.
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The unbraced length, Z,, in Equations C3-4 and C3-6 is assumed to be equal to the
length Z, that enables the column to reach P,. When the actual bracing spacing is
less than L, the calculated required stiffness may become quite conservative since
the stiffness equations are inversely proportional to 2. In such cases, ., can be sub-
stituted for L,. For example, a W12x53 (W310x79) with P,= 400 kips (1 780 kN)
can have a maximum unbraced length of 14 ft (4.3 m) for A36 (A36M) steel. If the
actual bracing spacing is 8 ft (2.4 m), then 14 ft (4.3 m) may be used in Equations
C3-4 and C3-6 to determine the required stiffness.

Winter’s rigid model would derive a brace force of 0.8 percent P, which accounts
only for lateral displacement force effects. To account for the additional force due
to member curvature, this theoretical force has been increased to one percent P,,.

Beams

Beam bracing must prevent twist of the section, not lateral displacement. Both lat-
eral bracing (for example, joists attached to the compression flange of a simply sup-
ported beam) and torsional bracing (for example, a cross frame or diaphragm
between adjacent girders) can effectively control twist. Lateral bracing systems that
are attached near the beam centroid are ineffective. For beams with double curva-
ture, the inflection point can not be considered a brace point because twist occurs at
that point (Galambos, 1998). A lateral brace on one flange near the inflection point
also is ineffective. In double curvature cases the lateral brace near the inflection
point must be attached to both flanges to prevent twist, or torsional bracing must be
used. The beam brace requirements are based on the recommendations by Yura
(1993).

Lateral Bracing

For lateral bracing, the following stiffness requirement was derived following
Winter’s approach:

Bor = 2N, (CoPy) CCul $L, (C-C3-3)
where

N; = 1.0 for relative bracing
= (4-2/n) for discrete bracing

n = number of intermediate braces

P, =beam compressive flange force
= TCQEJ_,-C/I_zb2

I,. = out-of-plane moment of inertia of the compression flange

C, = moment modifier from Chapter F

C, = accounts for top flange loading (use C=1.0 for centroidal loading)
=1+(1.2/n)

C, = double curvature factor (compression in both flanges)
=1+ (Z\/[S /Z\/[L)2

Ms = smallest moment causing compression in each flange

M, = largest moment causing compression in each flange

The C, factor varies between 1.0 and 2.0 and is applied only to the brace closest to
the inflection point. The term (2V,C)) can be conservatively approximated as 10 for
any number of nodal braces and 4 for relative bracing and (C,Py) can be approxi-
mated by M, / h which simplifies Equation C-C3-3 to the stiffness requirements
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given by Equations C3-8 and C3-10. Equation C-C3-3 can be used in lieu of Equa-
tions C3-8 and C3-10.

The brace strength requirement for relative bracing is
Py,=0.004 MCCyl h, (C-C3-4a)
and for nodal bracing
Py, =0.01M,CCyl h, (C-C3-4b)

They are based on an assumed initial lateral displacement of the compression
flange of 0.002L,. The brace strength requirements of Equations C3-7 and C3-9 are
derived from Equations C-C3-4a and C-C3-4b assuming top flange loading (C, =
2). Equations C-C3-4a and C-C3-4b canbe used in licu of Equations C3-7 and C3-9
respectively.

Torsional Bracing

Torsional bracing can either be attached continuously along the length of the beam
(forexample, metal deck or slabs) or be located at discrete points along the length of
the member (for example, cross frames). Torsional bracing attached to the tension
flange is just as effective as a brace attached at mid depth or the compression flange.
Partially restrained connections can be used if their stiffness is considered in evalu-
ating the torsional brace stiffness.

The torsional brace requirements are based on the buckling strength of a beam with
a continuous torsional brace along its length developed by Taylor and Ojalvo
(1966) and modified for cross-section distortion by Yura (1993).

t

CIELB )
I\/[u S Z\/[LI‘ = J(Cbuj\/[o )2 + sz)BT (C'C3'3)

The term (C,,M,,) is the buckling strength of the beam without torsional bracing. C,,
= 1.2 when there is top flange loading and C, = 1.0 for centroidal loading.
B =nPr / Listhe continuous torsional brace stiffness per unit length or its equiva-
lent when 2 nodal braces, each with a stiffness -, are used along the span . and the
2 accounts for initial out-of-straightness. Neglecting the unbraced beam buckling
term gives a conservative estimate of the torsional brace stiffness requirement
(Equation C3-13). A more accurate estimate of the brace requirements can be
obtained by replacing M, with (M, — C,,M,) in Equations C3-11 and C3-13. The {3,
term in Equations C3-12, C3-14 and C3-15 accounts for cross-section distortion. A
web stiffener at the brace point reduces cross-sectional distortion and improves the
cffectiveness of a torsional brace. When a cross frame is attached near both flanges
or a diaphragm is approximately the same depth as the girder, then web distortion
will be insignificant so B,.. equals infinity. The required bracing stiffness, Br,, given
by Equation C3-12 was obtained by solving the following expression that repre-
sents the brace system stiffness including distortion effects:

1 1 1
- =
BT BTb Bsec

The brace moment requirements are based onanassumed initial twist of 0.002L,/ .

(C-C3-6)

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



Comm. C3.] STABILITY BRACING 201

Parallel chord trusses with both chords extended to the end of the span and attached
to supports can be treated like beams. In Equations C3-7 through C3-11, M, may be
takenas the maximum compressive chord force times the depth of the truss to deter-
mine the brace strength and stiffness requirements. Cross-section distortion effects,
B, Need not be considered when full-depth cross frames are used for bracing.
When either chord does not extend to the end of the span, consideration should be
given to control twist near the ends of the span by the use of cross frames or ties.
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CHAPTER D

TENSION MEMBERS

DESIGN TENSILE STRENGTH

Due to strain hardening, a ductile steel bar loaded in axial tension can resist, without
fracture, a force greater than the product of its gross area and its coupon yield stress.
However, excessive elongation of a tension member due to uncontrolled vielding of
its gross area not only marks the limit of its usefulness, but can precipitate failure of
the structural system of which it is a part. On the other hand, depending upon the
reduction of area and other mechanical propertics of the steel, the member can fail
by fracture of the net arca at a load smaller than required to yield the gross area.
Hence, general yielding of the gross area and fracture of the net area both constitute
failure limit states. The relative values of ¢, given for vielding and fracture reflect
the same basic difference in factor of safety as between design of members and
design of connections in the AISC ASD Specification.

The length of the member in the net area is negligible relative to the total length of
the member. As a result, the strain hardening condition is quickly reached and
vielding of the net area at fastener holes does not constitute a limit state of practical
significance.

BUILT-UP MEMBERS

The slendemess ratio L / » of tension members other than rods, HSS, or straps
should preferably not exceed the limiting value of 300. This slenderness limit rec-
ommended for tension members is not essential to the structural integrity of such
members; it merely assures a degree of stiffness such that undesirable lateral move-
ment (“slapping” or vibration) will be unlikely.

See Section B7 and Commentary Section E4.

PIN-CONNECTED MEMBERS AND EYEBARS

Forged eycebars have generally been replaced by pin-connected plates or eyebars
thermally cut from plates. Provisions for the proportioning of eyebars contained in
the LRFD Specification are based upon standards evolved from long experience
with forged eyebars. Through extensive destructive testing, eyebars have been
found to provide balanced designs when they are thermally cut instead of forged.
The somewhat more conservative rules for pin-connected members of nonuniform
cross section and those not having enlarged “circular” heads are likewise based on
the results of cxperimental rescarch (Johnston, 1939).

Somewhat stockier proportions are provided for eyebars and pin-connected mem-
bers fabricated from steel having a yield stress greater than 70 ksi (485 MPa), in
orderto eliminate any possibility of their “dishing” under the higher design stress.
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CHAPTERE

COLUMNS AND OTHER COMPRESSION MEMBERS

EFFECTIVE LENGTH AND SLENDERNESS LIMITATIONS
Effective Length

The Commentary on Section C2 regarding frame stability and effective length fac-
tors applies here. Further analytic methods, formulas, charts, and references for the
determination of effective length are provided in Chapter 15 of the SSRC Guide
(Galambos, 1998).

Design by Plastic Analysis

The limitation on A, is essentially the same as that for // in Chapter N of the 1989
AISC Specification—Allowable Stress Design and Plastic Design.

DESIGN COMPRESSIVE STRENGTH
FOR FLEXURAL BUCKLING*

Equations E2-2 and E2-3 are based on a reasonable conversion of research data into
design equations. Conversion of the allowable stress design (ASD) equations
which was based on the CRC—Column Research Council—curve (Galambos,
1998) was found to be cumbersome for two reasons. The first was the nature of the
ASD variable safety factor. Secondly, the difference in philosophical origins of the
two design procedures requires an assumption of a live load-to-dead load ratio
(L/ D).

Since all L / D ratios could not be considered, a value of approximately 1.1 at A
equal to 1.0 was used to calibrate the exponential equation for columns with the
lower range of A against the appropriate ASD provision. The coefTicient with the
Euler equation was obtained by equating the ASD and LRFD expressions at A
of 1.5.

Equations E2-2 and E2-3 are essentially the same curve as column-strength curve
2P of the Structural Stability Research Council which is based on an initial
out-of-straightness curve of 7/ 1500 (Bjorhovde, 1972 and 1988; Galambos, 1998;
Tide, 1985).

It should be noted that this set of column equations has a range of reliability () val-
ues. At low- and high-column slendemess, {3 values exceeding 3.0 and 3.3 respec-
tively are obtained compared to f of 2.60 at . /D of 1.1. This is considered satisfac-
tory, since the limits of out-of-straightness combined with residual stress have not
been clearly established. Furthermore, there has been no history of unacceptable

*For tapered members see Commentary Appendix F3.
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behavior of columns designed using the ASD procedure. This includes cases with
L / D ratios greater than 1.1.

Equations E2-2 and E2-3 can be restated in terms of the more familiar slenderness
ratio K7/ r. First, Equation E2-2 is expressed in exponential form,

F, =[exp(-0.41927 )|, (C-E2-1)

Note that exp(x) is identical to ¢*. Substitution of A, according to definition of A, in
Section E2 gives,

For A—/S4.7l £
r E
E(KIY
F_=<exp| —0.0424 —| — F, (C-E2-2)
Er :
For A—/>4.7l £
r E

_ 0.8777°F
“ ( Kl )2 (C-E2-3)

r

DESIGN COMPRESSIVE STRENGTH FOR
FLEXURAL-TORSIONAL BUCKLING

Torsional buckling of symmetric shapes and flexural-torsional buckling of
unsymmetric shapes are failure modes usually not considered in the design of
hot-rolled columns. They generally do not govern, or the critical load differs very
little from the weak axis planar buckling load. Such buckling loads may, however,
control the capacity of symmetric columns made from relatively thin plate elements
and unsymmetric columns. Design equations for determining the strength of such
columns are given in Appendix E3. The AISC Design Guide, Torsional Analysis of
Structural Steel Members (Seaburg and Carter, 1997) provides an overview of the
fundamentals and basic theory of torsional loading for structural steel members.
Design examples are also included.

Tees that conform to the limits in Table C-E3.1 need not be checked for flex-
ural-torsional buckling.

A simplerand more accurate design strength for the special case of tees and double-
angles is based on Galambos (1991) wherein the y-axis of symmetry flexural-
buckling strength component is determined directly from the column formulas.

The separate AISC Specification for Load and Resistance Factor Design of Single-
Angle Members contains detailed provisions not only for the limit state of compres-
sion, but also for tension, shear, flexure, and combined forces.
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TABLE C-E3.1
Limiting Proportions for Tees
Ratio of Full Ratio of Flange
Flange Width to Thickness to Web
Shape Profile Depth or Stem Thickness
Built-up tees >0.50 >1.25
Rolled tees >0.50 >1.10

E4.

BUILT-UP MEMBERS

Requirements for detailing and design of built-up members, which cannot be stated
in terms of calculated stress, are based upon judgment and experience.

The longitudinal spacing of connectors connecting components of built-up com-
pression members must be such that the slenderness ratio //r of individual shapes
does not exceed three-fourths of the slenderness ratio of the entire member. Addi-
tional requirements are imposed for built-up members consisting of angles. How-
ever, these minimum requirements do not necessarily ensure that the effective slen-
derness ratio of the built-up member is equal to that for the built-up member acting
as a single unit. Section E4 gives formulas for modified slenderness ratios that are
based on research and take into account the effect of shear deformation in the con-
nectors (Zandonini, 1985). Equation E4-1 for snug-tight intermediate connectors is
empirically based on test results (Zandonini, 1985). Equation E4-2 is derived from
theory and verified by test data. In both cases the end connection must be welded or
slip-critical bolted (Aslani and Goel, 1991). The connectors must be designed to
resist the shear forces which develop in the buckled member. The shear stresses are
highest where the slope of the buckled shape is maximum (Bleich, 1952).

Maximum fastener spacing less than that required for strength may be needed to
ensure a close fit over the entire faying surface of components in continuous con-
tact. Specific requirements are given for weathering steel members exposed to
atmospheric corrosion (Brockenbrough, 1983).

The provisions governing the proportioning of perforated cover plates are based
upon extensive experimental research (Stang and Jaffe, 1948).
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CHAPTERF

BEAMS AND OTHER FLEXURAL MEMBERS

DESIGN FOR FLEXURE
Yielding

The bending strength of a laterally braced compact section is the plastic moment
M,,. If the shape has a large shape factor (ratio of plastic moment to the moment cor-
responding to the onset of yielding at the extreme fiber), significant inelastic defor-
mation may occur at service load if the section is permitted to reach M, at factored
load. The limit of 1.5M, at factored load will control the amount of inelastic defor-
mation for sections with shape factors greater than 1.5. This provision is not
intended to limit the plastic moment of a hybrid section with a web yield stress
lower than the flange vield stress. Yielding in the web does not result in significant
inelastic deformations. In hybrid sections, A4, =F,.S.

Lateral-torsional buckling cannot occur if the moment of inertia about the bending
axis is equal to or less than the moment of inertia out of plane. Thus, for shapes bent
about the minor axis and shapes with /, = /,, such as square or circular shapes, the
limit state of lateral-torsional buckling is not applicable and vielding controls if the
section is compact.

Lateral-Torsional Buckling
Doubly Symmetric Shapes and Channels with L, <L,

The basic relationship between nominal moment A, and unbraced length Z, is
shown in Figure C-F1.1 for a compact section with C, = 1.0. There are four princi-
pal zones defined on the basic curve by L,,, L,, and L,. Equation F 1-4 defines the
maximum unbraced length L, to reach A4, with uniform moment. Elastic lat-
eral-torsional buckling will occur when the unbraced length is greater than Z, given
by Equation F1-6. Equation F 1-2 defines the inelastic lateral-torsional buckling as
a straight line between the defined limits Z,, and Z,. Buckling strength in the elastic
region L, > L, is given by Equation F1-14 for I-shaped members.

For other moment diagrams, the lateral buckling strength is obtained by multiply-
ing the basic strength by C, as showninFigure C-F1.1. The maximum A, however,
is limited to M. Note that L, given by Equation F1-4 is merely a definition which
has physical meaning when C, = 1.0. For C, greater than 1.0, larger unbraced
lengths are permitted to reach A7, as shown by the curve for C, > 1.0. For design, this
length could be calculated by setting Equation F1-2 equal to A, and solving this
equation for L, using the desired C, value.

The equation
Cy =L75+105(M / M2)+03(M, /M2)? <23 (C-FI-1)
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has been used since 1961 to adjust the flexural-torsional buckling equation for vari-
ations in the moment diagram within the unbraced length. This equation is applica-
ble only to moment diagrams that are straight lines between braced points. The
equation provides a lower bound fit to the solutions developed by Salvadori (1956)
which are shown in Figure C-F1.2. Another equation

Cb:___J_TZ_SZS (C-F1-2)
06—0421
1\/[ 2

fits the average value theoretical solutions when the beams are bent in reverse cur-
vature and also provides a reasonable fit to the theory. If the maximum moment

N~ Basic strength x C,

plasfic
e———1

design | I I
\Mp linelastic! elastic

LG
lpg Lo L,
(F1-17) (F1-4) (F1-6)

Cp=1.0 (Basic strength)
Ly

Fig C-F1.1. Nominal moment as a function of unbraced length and moment gradient.
Co

30 — Max Cp—warping significant

(C-F1-2)

2.5
Min Cg—no warping

2.0

1.5
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Fig. C-F1.2. Moment modifier Cy, for beams.
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within the unbraced segment is equal to or larger than the end moment, C, = 1.0 is
used.

The equations above can be easily misinterpreted and misapplied to moment dia-
grams that are not straight within the unbraced segment. Kirby and Nethercot
(1979) presented an equation which applies to various shapes of moment diagrams
within the unbraced segment. Their equation has been adjusted slightly to the fol-
lowing

C - 12.5M,,, CFL3
P 25M, +3M, + 4M + 3M, (C-F1-3)

max

This equation gives more accurate solutions for fixed-end beams, and the adjusted
equation reduces exactly to Equation C-F1-2 for a straight line moment diagram in
single curvature. The C, equation used in the specification is shown in Figure
C-F1.3 for straight line moment diagrams. Other moment diagrams along with
exact theoretical solutions in the SSRC Guide (Galambos, 1998) show good com-
parison with the new equation. The absolute value of the three interior quarter-point
moments plus the maximum moment, regardless of its location are used in the equa-
tion. The maximum moment in the unbraced segment is always used for compari-
son with the resistance. The length between braces, not the distance to inflection
points, and C, are used in the resistance equation.

It is still satisfactory to use the former C, factor, Equation C-F1-1, for straight line
moment diagrams within the unbraced length.

The elastic strength of hybrid beams is identical to homogeneous beams. The
strength advantage of hybrid sections becomes evident only in the inclastic and
plastic slenderness ranges.

25 1 Cy=1.75+1.05 4L +0.3( 3 )< 23

10 /:,5»1,,,,,,

C.=
5™ 2.5M mayt3My +4Mg+3M ¢
M, M, My M,
05 b 1 Mg Mg Mo
(———+= )M,
Cr— __ +, rafio shown
| ] ’

¥,

+1.0 +0.5 0 -0.5 -1.0
C-I'1.3. Cy for a straight line moment diagram—prismatic bean.
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2b.

2¢.

Doubly Symmetric Shapes and Channels with L,> L,

The equation given in the Specification assumes that the loading is applied along
the beam centroidal axis. If the load is placed on the top flange and the flange is not
braced, there is a tipping effect that reduces the critical moment; conversely, if the
load is suspended from the bottom flange and is not braced, there is a stabilizing
effect which increases the critical moment (Galambos, 1998). For unbraced top
flange loading, the reduced critical moment may be conservatively approximated
by setting the warping buckling factor .X; to zero.

An effective length factor of unity is implied in these critical moment equations to
represent a worst case pinned-pinned unbraced segment. Including consideration
of any end restraint of the adjacent segments on the critical segment can increase its
buckling capacity. The effects of beam continuity on lateral-torsional buckling
have been studied and a simple and conservative design method, based on the anal-
ogy of end-restrained nonsway columns with an effective length factor less than
one, has been proposed (Galambos, 1998).

Tees and Double-Angles

The lateral-torsional buckling strength (LTB) of singly symimetric tee beams is
given by a fairly complex formula (Galambos, 1998). Equation F1-15 is a simpli-
fied formulation based on Kitipornchai and Trahair (1980). See also Ellifritt, Wine,
Sputo, and Samuel (1992).

The C; used for I-shaped beams is unconservative for tee beams with the stem in
compression. For such cases C,= 1.0 is appropriate. When beams are bent in reverse
curvature, the portion with the stem in compression may control the LTB resistance
even though the moments may be small relative to other portions of the unbraced
length with Cy = 1.0. This is because the LTB strength of a tee with the stem in com-
pression may be only about one-fourth of the capacity for the stem in tension. Since
the buckling strength is sensitive to the moment diagram, C;, has been conserva-
tively taken as 1.0. In cases where the stem is in tension, connection details should
be designed to minimize any end restraining moments which might cause the stem
to be in compression.

Design by Plastic Analysis

EquationF1-17 setsa limit onunbraced length adjacent to a plastic hinge for plastic
analysis. There is a substantial increase in unbraced length for positive moment
ratios (reverse curvature) because the vielding is confined to zones close to the
brace points (Yura ct al., 1978).

Equation F1-18 is an equation in similar form for solid rectangular bars and sym-
metric box beams. Equations F1-17 and F1-18 assume that the moment diagram
within the unbraced length next to plastic hinge locations is reasonably linear. For
nonlinear diagrams between braces, judgment should be used in choosing a repre-
sentative ratio.

Equations F1-17 and F1-18 were developed to provide rotation capacities of at least
3.0, which are sufficient for most applications (Yura et al., 1978). When inelastic
rotations of 7 to 9 are deemed appropriate in arcas of high seismicity, as discussed in
Commentary Section B3, Equation F1-17 would become:
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E

L pa =0.086] — |r, (C-F1-4)
Fy

DESIGN FOR SHEAR

For unstiffened webs &, = 5.0, therefore

. , =245 Landl. , o =3. ,
1.10\[Ek, /F, =245 JE/F, . and 1.37JFk, I F, =3.07JE/F,

For webs with /2 /+,, <1104/ Ek, / F} , the nominal shear strength V), is based on
shear yielding of the web, Equation F2-1 and Equation A-F2-1. This /# / f, limit
was determined by setting the critical stress causing shear buckling F.,
equal to the yield stress of the web F},, in Equation 35 of Cooper, Galambos, and
Ravindra (1978) and Timoshenko and Gere (1961). When/: / t,, >1104/ Ek, / F, .
the web shear strength is based on buckling. Basler (1961) suggested taking the
proportional limit as 80 percent of the vield stress of the web. This corresponds to
hit, =(110/08)Fk, / F,,. Thus, when h/t, >137\/Ek, / F,, , the web
strength is determined from the elastic buckling stress given by Equation 6 of Coo-
per et al. (1978) and Timoshenko and Gere (1961):

nEk

o (-v* )(;,/rw)2

The nominal shear strength, given by Equation F2-3 and A-F2-3, was obtained by
multiplying F,, by the web area and using £= 29,000 ksi (200 000 MPa)and v=0.3.

A straight line transition, Equation F2-2 and A-F2-2, is used between the limits
110/ Eky [ Fy and 137 Eky | Fy .

The shear strength of flexural members follows the approach used in the AISC
ASD Specification, except for two simplifications. First, the expression for the
plate buckling coefficient k&, has been simplified; it corresponds to that given by
AASHTO Standard Specification for Highway Bridges (1996). The carlier expres-
sion for &, was a curve fit to the exact expression; the new expression is just as accu-
rate. Second, the alternate method (tension field action) for web shear strength is
placed in Appendix G because it was desired that only one method appear in the
main body of the Specification with alternate methods given in the Appendix.
When designing plate girders, thicker unstiffened webs will frequently be less
costly than lighter stiffened web designs because of the additional fabrication. If a
stiffened girder design has economic advantages, the tension field method in
Appendix G will require fewer stiffeners.

(C-F2-1)

The equations in this section were established assuming monotonically increasing
loads. If a flexural member is subjected to load reversals causing cyclic vielding
over large portions of a web, such as may occur during a major carthquake, special
design considerations may apply (Popov, 1980).

BEAMS AND GIRDERS WITH WEB OPENINGS

Web openings in structural floor members may be necessary to accommodate vari-
ous mechanical, electrical, and other systems. Strength limit states, including local
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buckling of the compression flange, web, and tee-shaped compression zone above
or below the opening, lateral buckling and moment-shear interaction, or service-
ability may control the design of a flexural member with web openings. The loca-
tion, size, and number of openings are important and empirical limits for them have
been identified. One general procedure for assessing these effects and the design of
any needed reinforcement for both steel and composite beams is given in Darwin
(1990) and in ASCE Task Committee on Design Criteria for Composite Structures
in Steel and Concrete (1992 and 1992a).

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



212

CHAPTER H

MEMBERS UNDER COMBINED FORCES AND TORSION

Hi1.

SYMMETRIC MEMBERS SUBJECT TO BENDING AND AXIAL
FORCE

Equations H1-1a and H1-1b are simplifications and clarifications of similar equa-
tions used in the AISC ASD Specification since 1961. Previously, both equations
had to be checked. In the new formulation the applicable equation is governed by
the value of the first term, P,/ ¢P,. For bending about one axis only, the equations
have the form shown in Figure C-HI.1.

The first term P, /¢, has the same significance as the axial load term £,/ F, in Equa-
tions H1-1 of the AISC ASD Specification. This means that for members in com-
pression P, must be based on the largest effective slenderness ratio K7/ r. In the
development of Equations H1-1a and H1-1b, a number of alternative formulations
were compared to the exact inelastic solutions of 82 sidesway cases reported in
Kanchanalai (1977). In particular, the possibility of using K//r as the actual column
length (K = 1) in determining P,, combined with an elastic second order moment
M., was studied. In those cases where the true P, based on K//r, withK'= 1.0, was in
the inclastic range, the errors proved to be unacceptably large without the additional
check that P, <¢.P,, P, being based on effective length. Although deviations from
exact solutions were reduced, they still remained high.

In summary, it is not possible to formulate a safe general interaction equation for
compression without considering effective length directly (or indirectly by a sec-

PP, :
|
|
|
|
|

3 |

F, 8 M |
—_—t = =
AT i
0.29P, TR TN
2 ¢Pn ¢an :

My,  096,M, M,
Fig. C-H1.1. Beam-column interaction equations.
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H2.

ond equation). Therefore, the requirement that thenomina compressivestrength P,,
be based on the effective length KL in the general equation is continued in the
LRFD Specification asit hasbeeninthe AISC ASD Specification since 1961. Itis
not intended that these provisions be applicable to limit nonlinear secondary flex-
urethat might be encountered in large amplitude earthquake stability design (ATC,
1978).

Thedefinedterm M, isthe maximum moment inamember. Inthecal culation of this
moment, inclusion of beneficial second order effects of tension is optional. But
consideration of detrimental second order effects of axial compression andtransla-
tion of gravity loadsisrequired. Provisionsfor cal cul ation of these effectsaregiven
in Chapter C.

The interaction equations in Appendix H3 have been recommended for biaxially
loaded H and wide flange shapes in Galambos (1998) and Springfield (1975).
These equations which can be used only in braced frames represent a considerable
liberalization over the provisions given in Section H1, it is, therefore, also neces-
sary to check yielding under serviceloads, using the appropriateload and resistance
factorsfor the serviceability limit statein Equation H1-1aor H1-1b with[M,J= SF,
and[M,,|= SF,. Appendix H3 also provides interaction equations for rectangular
box-shaped beam-columns. These equationsaretaken from Zhou and Chen (1985).

UNSYMMETRIC MEMBERSAND MEMBERSUNDER TORSION AND
COMBINED TORSION, FLEXURE, SHEAR, AND/OR AXIAL
FORCE

This section dealswith types of cross sections and loadings not covered in Section
H1, especially wheretorsionisaconsideration. For such casesitisrecommended to
perform an elastic analysis based on the theoretical numerical methods available
fromtheliteraturefor the determination of the maximum normal and shear stresses,
or for the elastic buckling stresses. In the buckling cal cul ations an equivalent slen-
derness parameter is determined for use in Equation E2-2 or E2-3, asfollows:

Ae =/Fy I Fe
where F. is the elastic buckling stress determined from a stability analysis. This
procedure is similar to that of Appendix E3.

For the andlyss of members with open sections under torson refer to|Seaburg and
[Carter](1997).
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I1.

CHAPTERI

COMPOSITE MEMBERS

DESIGN ASSUMPTIONS AND DEFINITIONS

Force Determination. Loads applied to an unshored beam before the concrete has
hardened are resisted by the steel section alone, and only loads applied after the
concrete has hardened are considered as resisted by the composite section. It is usu-
ally assumed for design purposes that concrete has hardened when it attains 75 per-
cent of its design strength. In beams properly shored during construction, all loads
may be assumed as resisted by the composite cross section. Loads applied to a con-
tinuous composite beam with shear connectors throughout its length, after the slab
is cracked in the negative moment region, are resisted in that region by the steel sec-
tion and by properly anchored longitudinal slab reinforcement.

For purposes of plastic analysis all loads are considered resisted by the composite
cross section, since a fully plastic strength is reached only after considerable yield-
ing at the locations of plastic hinges.

Flastic Analysis. The use of constant stiffness in elastic analyses of continuous
beams is analogous to the practice in reinforced concrete design. The stiffness cal-
culated using a weighted average of moments of inertia in the positive moment
region and negative moment regions may take the following form:

Iy =al pos + b1 g

where

ILes = effective moment of inertia for positive moment, in." (mm®)
I = effective moment of inertia for negative moment, in. (mm")

The effective moment of inertia shall be based on the cracked transformed section
considering degree of composite actions. For continuous beams subjected to grav-
ity loads only, the value of @ may be taken as 0.6 and the value of » may be taken as
0.4. For the case of composite beams in moment resisting frames, the value of @ and
b may be taken as 0.5.

Plastic Analysis. For composite beams with shear connectors, plastic analysis may
be used only when the steel section in the positive moment region has a compact
web, i.e.,h/t, <376, E/ F,r,and when the steel section in the negative moment
region is compact, as required for steel beams alone. No compactness limitations
are placed on encased beams, but plastic analysis is permitted only if the direct con-
tribution of concrete to the strength of sections is neglected; the concrete is relied
upon only to prevent buckling.

Plastic Stress Distribution for Positive Moment. Plastic stress distributions are
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described in Commentary Section I3, and a discussion of the composite participa-
tion of slab reinforcement is presented.

Plastic Stress Distribution for Negative Moment. Plastic stress distributions are
described in Commentary Section 13.

Elastic Stress Distribution. The strain distribution at any cross section of a compos-
ite beam is related to slip between the structural steel and concrete elements. Prior
to slip, strain in both steel and concrete is proportional to the distance from the neu-
tral axis for the clastic transformed section. After slip, the strain distribution is dis-
continuous, with a jump at the top of the steel shape. The strains in steel and con-
crete are proportional to distances from separate neutral axes, one for steel and the
other for concrete.

Fully Composite Beam. Either the tensile vield strength of the steel section or the
compressive stress of the concrete slab governs the maximum flexural strength of a
fully composite beam subjected to a positive moment. The tensile yield strength of
the longitudinal reinforcing bars in the slab governs the maximum flexural strength
of a fully composite beam subjected to a negative moment. When shear connectors
are provided in sufficient numbers to fully develop this maximum flexural strength,
any slip that occurs prior to vielding is minor and has negligible influence both on
stresses and stiffness.

Partially Composite Beam. The effects of slip on clastic properties of a partially
composite beam can be significant and should be accounted for in calculations of
deflections and stresses at service loads. Approximate elastic properties of partially
composite beams are given in Commentary Section I3. For simplified design meth-
ods, sec Hansell, Galambos, Ravindra, and Viest (1978).

Concrete-Encased Beam. When the dimensions of a concrete slab supported on
steel beams are such that the slab can effectively serve as the flange of a composite
T-beam, and the concrete and steel are adequately tied together so as to act as a unit,
the beam can be proportioned on the assumption of composite action.

Two cases are recognized: fully encased steel beams, which depend upon natural
bond for interaction with the concrete, and those with mechanical anchorage to the
slab (shear connectors), which do not have to be encased.

COMPRESSION MEMBERS
Limitations

(1) The lower limit of four percent on the cross-sectional area of structural steel
differentiates between composite and reinforced concrete columns. If the arca
is less than four percent, a column with a structural steel core should be designed
as a reinforced concrete column.

(2) The specified minimum quantity of transverse and longitudinal reinforcement
in the encasement should be adequate to prevent severe spalling of the surface
concrete during fires.

(3) Very little of the supporting test data involved concrete strengths in excess of 6
ksi (41 MPa), even though the cylinder strength for one group of four columns
was 9.6 ksi (66 MPa). Normal weight concrete is believed to have been used in
all tests. Thus, the upper limit of concrete strength is specified as 8 ksi (55
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MPa) for normal weight concrete. A lower limit of 3 ksi (21 MPa) is specified
for normal weight concrete and 4 ksi (28 MPa) for lightweight concrete to
encourage the use of good quality, yet readily available, grades of structural
concrete.

(4) Inaddition to the work of Bridge and Roderick (1978), SSRC Task Group 20
(1979), and Galambos and Chapuis (1980), recent work by Kenny, Bruce, and
Bjorhovde (1994) has shown that due to concrete confinement effects, the pre-
vious limitation of 55 ksi (380 MPa) for the maximum steel vield stress is
highly restrictive. Further, the most commonly used reinforcing steel grade has
ayield stress of 60 ksi (415 MPa). The increase is therefore a rational recogni-
tion of material properties and structural behavior.

The 60 ksi (415 MPa) limitation for the yield stress is very conservative for
tubular composite columns, where the concrete confinement provided by the
tube walls is very significant. Kenny et al. have proposed raising the vatue of ),
for such columns to whatever the yield stress is for the steel grade used, but not
higher than 80 ksi (550 MPa).

(5) The specified minimum wall thicknesses are identical to those in the 1995 ACI
Building Code (1995). The purpose of this provision is to prevent buckling of
the steel pipe or HSS before yielding.

Design Strength

The procedure adopted for the design of axially loaded composite columns is
described in detail in Galambos and Chapuis (1980). It is based on the equation for
the strength of a short column derived in Galambos and Chapuis (1980), and the
same reductions for slenderness as those specified for steel columns in Section E2.
The design follows the same path as the design of steel columns, except that the
vield stress of structural steel, the modulus of elasticity of steel, and the radius of
gyration of the steel section are modified to account for the effect of concrete and
longitudinal reinforcing bars. A detailed explanation of the origin of these modifi-
cations may be found in SSRC Task Group 20 (1979). Galambos and Chapuis
(1980) includes comparisons of the design procedure with 48 tests of axially loaded
stub columns, 96 tests of concrete-filled pipes or tubing (HSS), and 26 tests of con-
crete-encased steel shapes. The mean ratio of the test failure loads to the predicted
strengths was 1.18 for all 170 tests, and the corresponding coefficient of variation
was 0.19.

Columns with Multiple Steel Shapes

This limitation is based on Australian research reported in Bridge and Roderick
(1978), which demonstrated that after hardening of the concrete the composite col-
umn will respond to loading as a unit even without lacing, tie plates, or batten plates
connecting the individual steel sections.

Load Transfer

To avoid overstressing either the structural steel section or the concrete at connec-
tions, a transfer of load by direct bearing, shear connectors, or a combination of
both is required. When shear connectors are used, a uniform spacing is appropriate
in most situations, but when large forces are applied, other connector arrangements

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



Comm. 13.] FLEXURAL MEMBERS 217

13.

may be needed to avoid overloading the component (steel section or concrete
encasement) to which the load is applied directly.

Although it is recognized that force transfer also occurs by bond between the steel
and concrete, this is disregarded for encased sections (Griffis, 1992). Force transfer
by bond is commonly used in concrete-filled hollow structural sections (API, 1993)
aslong as the connections are detailed to limit local deformations, but no guidelines
are available for structures other than fixed offshore platforms.

When a supporting concrete area is wider onall sides than the loaded area, the nom-
inal bearing strength for concrete can be taken as

085¢Bf: N Az / A

where A4, is the loaded area and A is the base of a frustum extending 45° in plan and
at a 50 percent slope in elevation from the loaded arca (ACL 1995, 1995a). The
value of /A, / Ay must be less than or equal to 2. In most practical cases, this limit
will be reached and thus the Specification uses a nominal bearing strength of
1.7¢5 f7 Ap. The resistance factor for bearing, ¢z, is 0.65 in accordance with Appen-
dix Cin ACI 318 and ACI 318M.

FLEXURAL MEMBERS
Effective Width

LRFD provisions for effective width omit any limit based on slab thickness, in
accordance with both theoretical and experimental studies, as well as composite
beam codes in other countries (ASCE, 1979). The same effective width rules apply
to composite beams with a slab on either one side or both sides of the beam. To sim-
plify design, effective width is based on the full span, center-to-center of supports,
for both simple and continuous beams.

Design Strength of Beams with Shear Connectors

This section applies to simple and continuous composite beams with shear connec-
tors, constructed with or without temporary shores.

Positive Flexural Design Strength. Flexural strength of a composite beam in the
positive moment region may be limited by the plastic strength of the steel section,
the concrete slab, or shear connectors. In addition, web buckling may limit flexural
strength if the web is slender and a significantly large portion of the web is in com-
pression.

According to Table B5.1, local web buckling does not reduce the plastic strength of
a bare steel beam if the beam depth-to-web thickness ratio is not larger than
3.76,/E/ F, . In the absence of web buckling research on composite beams, the
same ratio is conservatively applied to composite beams. Furthermore, for more
slender webs, the LRFD Specification conservatively adopts first yield as the flex-
ural strength limit. In this case, stresses on the steel section from permanent loads
applied to unshored beams before the concrete has hardened must be superimposed
on stresses on the composite section from loads applied to the beams after harden-
ing of concrete. In this superposition, all permanent loads should be multiplied by
the dead load factor and all live loads should be multiplied by the live load factor.
Forshored beams, all loads may be assumed as resisted by the composite section.
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When first vield is the flexural strength limit, the elastic transformed section is used
to calculate stresses on the composite section. The modular ratio n =F / E, used to
determine the transformed section depends on the specified unit weight and
strength of concrete. Note that this procedure for compact beams differs from the
requirements of Section 12 of the 1989 AISC ASD Specification.

Plastic Stress Distribution for Positive Moment. When flexural strength is deter-
mined from the plastic stress distribution shown in Figure C-13.1, the compression
force C in the concrete slab is the smallest of:

C =Ag Fyy +244 Fyy (C-I3-1)
C =085 f] 4. (C-13-2)
C =30, (C-13-3)

For a non-hybrid steel section, Equation C-I3-1 becomes C =A4,F,
where

/. = specified compressive strength of concrete, ksi (MPa)

A, = area of concrete slab within effective width, in.2 (mm?)

A, = area of steel cross section, in.? (mm?)

A, = area of steel web, in.? (mm?)

Ay = area of steel flange, in.? (mm?)

F, = minimum specified yield stress of steel, ksi (MPa)

F}, = minimum specified yield stress of web steel, ksi (MPa)

F,; = minimum specified yield stress of flange steel, ksi (MPa)

>0, = sum of nominal strengths of shear connectors between the point of maxi-
mum positive moment and the point of zero moment to either side, kips
(N)

Longitudinal slab reinforcement makes a negligible contribution to the compres-
sionforce, except when Equation C-13-2 governs. In this case, the area of longitudi-
nal reinforcement within the effective width of the concrete slab times the yield
stress of the reinforcement may be added in determining C.

The depth of the compression block is

a=—— (C-13-4)

where
b = effective width of concrete slab, in. (mm)

A fully composite beam corresponds to the case of C governed by the yield strength
of the steel beam or the compressive strength of the concrete slab, as in Equation
C-I3-1 or C-I13-2. The number and strength of shear connectors govern C for a par-
tially composite beam as in Equation C-I3-3.

The plastic stress distribution may have the plastic neutral axis (PNA) inthe web, in
the top flange of the steel section or in the slab, depending on the value of C.
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The nominal plastic moment resistance of a composite section in positive bending
is given by the following equation and Figure C-I3.1:

M, = Cd, +dy) + P, (ds — dy) (C-13-3)

where

P,= tensile strength of the steel section; for a non-hybrid steel section, P, = A JF,,
kips (N)

d, =distance from the centroid of the compression force C in concrete to the top
of the steel section, in. (mm)

d, =distance from the centroid of the compression force in the steel sectionto the
top of the steel section, in. (mm). For the case of no compression in the steel
section d, = 0.

dy= distance from P, to the top of the steel section, in. (mm)

Equation C-I3-5 is generally applicable including both non-hybrid and hybrid steel
sections symmetrical about one or two axes.

Approximate Elastic Properties of Partially Composife Beams. Elastic calculations
for stress and deflection of partially composite beams should include the effects of

slip.
The effective moment of inertia /4 for a partially composite beam is approximated
by
Ieﬁ :15 + \’ (ZQH/Cj)(IIr _15) (C-I3-6)
where
I, = moment of inertia for the structural steel section, in." (mm*)
I, = moment of inertia for the fully composite uncracked transformed section,

in' (mm*)

20, = strength of shear connectors between the point of maximum positive
moment and the point of zero moment to ¢ither side, kips (N)

C, = compression force in concrete slab for fully composite beam; smaller of
Equations C-13-1 and C-13-2, kips (N)

The effective section modulus Sz, referred to the tension flange of the steel section
for a partially composite beam, is approximated by

| 0.85f;

(
[ 1 al | d d
! 2 (P,—C)
f—— ——
dJ F 2
1 (Py+C) Y
2————

Fy
Fig. C-13.1. Plastic stress distribution for positive moment in composite beams.
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Se =S+,(EQ./C,)(S -S) (C-13-7)

where

S = section modulus for the structural steel section, referred to the tension
flange, in.2 (mm?)

S:= section modulus for the fully composite uncracked transformed section,
referred to the tension flange of the steel section, in.2 (mm?)

Equations C-13-6 and C-13-7 should not be used for ratios £Q, / C; less than 0.25.
Thisrestrictionisto prevent excessive dlip, aswell as substantial lossin beam stiff-
ness. Studies indicate that Equations C-13-6 and C-13-7 adequately reflect the
reduction in beam stiffness and strength, respectively, when fewer connectors are
used than required for full composite action (Grant, Fisher, and Slutter, 1977).

It is not practical to make accurate deflection calculations of composite flexural
sections in the design office. Careful comparisons to short-term deflection tests
indicate that the effective moment of inertia, l«, is 15 to 30 percent lower than that
calculated based on linear elastic theory. Therefore, for realistic deflection calcula-
tions, |« should betaken as0.80 |« or 0.75 | «. Asan aternative, it has been shown
that one may use lower bound moment of inertia, 15, as defined below:

Ly = 1+ Ao — do)? + (EQ, / F,)(20; + 0, — Yya)? (C-13-8)

where

d; =distancefromthecentroid of thelongitudinal slab reinforcement to thetop
of the steel section, in. (mm)

d; = distance from Py to the top of the steel section, in. (mm)

I, = lower bound moment of inertia, in.® (mm®)

Yena=[[(A ds + (ZQu/F,) (2d; + di))/(As + (ZQn/F))]]

Calculations for long-term deformations due to creep and shrinkage may also be
carried out. Because the basic properties of the concrete are not known to the
designer, simplified model s such asthose proposed by Viest, Fountain, and Single-
ton (1958), Branson (1964), Chien and Ritchie (1984), and Viest, Colaco, Furlong,
Griffis, Leon, and Wyllie (1997) can be used.

Negative Flexural Design Strength. The flexural strength in the negative moment
regionisthestrength of the steel beam al one or the plastic strength of the composite
section made up of the longitudinal slab reinforcement and the steel section.

Plastic SressDistribution for Negative Moment. When an adequately braced com-
pact steel section and adequately developed longitudinal reinforcing bars act com-
positely inthe negative moment region, the nominal flexural strengthisdetermined
fromtheplastic stressdistributionsasshownin Figure C-13.2. Thetensileforce Tin
the reinforcing bars is the smaller of:

T= A Fyr (C'|3'9)
T=3Q (C-13-10)
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where

A, = area of properly developed slab reinforcement parallel to the steel beam
and within the effective width of the slab, in.? (mm?)

F}, = specified yield stress of the slab reinforcement, ksi (MPa)

20, = sum of the nominal strengths of shear connectors between the point of
maximum negative moment and the point of zero moment to either side,
kips (N)

A third theoretical limit on 7" is the product of the area and yield stress of the steel
section. However, this limit is redundant in view of practical limitations on slab
reinforcement.

The nominal plastic moment resistance of a composite section in negative bending
is given by the following equation:

M, =T(d, +d,)+P, (dy—d,) (C-I3-11)

where

P,.= the compressive strength of the steel section; for a non-hybrid section P, =
AF,, kips (N)

d, = distance from the centroid of the longitudinal slab reinforcement to the top
of the steel section, in. (mm)

d, = distance from the centroid of the tension force in the steel section to the top
of the steel section, in. (mm)

¢~ = distance from P,, to the top of the steel section, in. (mm)

Transverse Reinforcement for the Slab. Where experience has shown that longitudi-
nal cracking detrimental to serviceability is likely to occur, the slab should be rein-
forced in the direction transverse to the supporting steel section. It is recommended
that the area of such reinforcement should be at least 0.002 times the concrete area
in the longitudinal direction of the beam and should be uniformly distributed.

Design Strength of Concrete-Encased Beams

Tests of concrete-encased beams demonstrated that (1) the encasement drastically
reduces the possibility of lateral-torsional instability and prevents local buckling of
the encased steel, (2) the restrictions imposed on the encasement practically pre-
vent bond failure prior to first yielding of the steel section, and (3) bond failure does
not necessarily limit the moment capacity of an encased steel beam (ASCE, 1979).

e T

(A 2
. (PeD)
dJ 2 F,
S | 4 (Pye +1)
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Fy

Fig C-13.2. Plastic stress distribution for negative moment.
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Accordingly, the LRFD Specification permits three alternate design methods: one
based on the first yield in the tension flange of the composite section; one based on
the plastic moment capacity of the steel beam alone; and a third method based upon
the plastic moment capacity of the composite section applicable only when shear
connectors are provided along the steel section and reinforcement of the concrete
encasement meets the specified detailing requirements. No limitations are placed
onthe slenderness of cither the composite beam or the elements of the steel section,
since the encasement effectively inhibits both local and lateral buckling.

In the method based on first vield, stresses on the steel section from permanent
loads applied to unshored beams before the concrete has hardened must be super-
imposed on stresses on the composite section from loads applied to the beams after
hardening of the concrete. In this superposition, all permanent loads should be mul-
tiplied by the dead load factorand all live loads should be multiplied by the live load
factor. For shored beams, all loads may be assumed as resisted by the composite
section. Complete interaction (no slip) between the concrete and steel is assumed.

The contribution of concrete to the strength of the composite section is ordinarily
larger in positive moment regions than in negative moment regions. Accordingly,
design based on the composite section is more advantageous in the regions of posi-
tive moments.

Strength During Construction

When temporary shores are not used during construction, the steel beam alone must
resist all loads applied before the concrete has hardened enough to provide compos-
ite action. Unshored beam deflection caused by wet concrete tends to increase slab
thickness and dead load. For longer spans this may lead to instability analogous to
roof ponding. An excessive increase of slab thickness may be avoided by beam
camber.

When forms are not attached to the top flange, lateral bracing of the steel beam dur-
ing construction may not be continuous and the unbraced length may control flex-
ural strength, as defined in Section F1.

The LRFD Specification does not include special requirements for a margin against
yield during construction. According to Section F1, maximum factored moment
durmg construction is 0.90F,7 where 7,7 is the plasllc moment (0.90F, Z = 0.90 x
L.1F, S). This is equlvalenl o approumalelv the vield moment, F S. Hence,
requlred flexural strength during construction prevents moment in excess of the
yield moment.

Load factors for construction loads should be determined for individual projects
according to local conditions, using the factors stipulated in ASCE 7 as a guide. As
a minimum it is suggested that 1.2 be the factor for the loading from steel framing
plus concrete plus formed steel deck, and a factor of 1.6 be used for the live load of
workmen plus equipment which should not be taken as less than 20 psf
(unfactored).

Formed Steel Deck
Figure C-13.3 is a graphic presentation of the terminology used in Section 13.5.

When studs are used on beams with formed steel deck, they may be welded directly
through the deck or through prepunched or cut-in-place holes in the deck. The usual
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procedure is to install studs by welding directly through the deck; however, when
the deck thickness is greater than 16 gage (1.5 mm) for single thickness, or 18 (1.2
mm) gage for each sheet of double thickness, or when the total thickness of galva-
nized coating is greater than 1.25 ounces/sq. {t (0.38 kg/m?), special precautions
and procedures recommended by the stud manufacturer should be followed.

The design rules for composite construction with formed steel deck are based upon
astudy (Grantetal., 1977) of the then available test results. The limiting parameters
listed in Section I3.5 were established to keep composite construction with formed
steel deck within the available research data.

Seventeen [ull size composite beams with concrete slab on formed steel deck were

i \4 / Hg
W, 11/2” (38 mm) min.

27 (50mm) min.

2] 4 4 y 27 (50mm) min.
h,<3” (75mm)

i
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| |
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“ \ Hs \ / “, h,<3” (75mm)
W, 11/2” (38 mm) min.
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| |
M - 4 Le4 4 27 (50mm) min.
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<
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Fig. C-13.3. Steel deck limits.
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tested at Lehigh University and the results supplemented by the results of 58 tests
performed elsewhere. The range of stud and steel deck dimensions encompassed by
the 75 tests were limited to:

(1) Stud dimensions: ¥-in. dia. x 3.00 to 7.00 in.
(2) Rib width: 1.94 in. to 7.25 in.

(3) Rib height: 0.88 in. to 3.00 in.

(4) Ratiow,/h,.:1.301t03.33

(5) Ratio H,/h,: 1.50 to 3.41

(6) Number of studs in any one rib: 1, 2, or 3

The strength of stud connectors installed in the ribs of concrete slabs on formed
steel deck with the ribs oriented perpendicular to the steel beam is reasonably esti-
mated by the strength of stud connectors in flat soffit composite slabs multiplied by
values computed from Equation I3-1.

The 1999 edition of the Specification includes a new upper limit of 0.75 on the
reduction factor of Equation I3-1 for single studs located in deck ribs oriented per-
pendicular to the beam. This limit has been imposed as a temporary measure in
response to a mounting sct of test data (c.g., Easterling, Gibbings, and Murray,
1993; Kemp and Trinchero, 1997) that indicates that stud strengths calculated by
the product of Equations I3-1 and I5-1 may be unconservative when a single stud
perrib isused. Research to further resolve this issue and to assess whether stud pairs
are also affected is currently underway. Differences between recent test results and
those originally used to develop Equation I5-1 for ribbed decks (Grant et al., 1977)
appear to be due to the fact that (1) most of the earlier tests reported by Grant et al.
were forbeams with studs placed in pairs centered within the ribs, (2) stud strengths
used to originally calibrate Equation I5-1 were back calculated from moment
strengths of beam specimens which tend to mask variations in the stud strengths,
and (3) differences in modern steel deck profiles that affect the placement of studs
inthe rib. The last reason may be particularly important. As showninFigure C-13 .4,
modern steel deck profiles with stiffeners (reinforcing rib) located along the center
line of the rib require that studs be placed off-center in the rib. Depending on the
location of the stud relative to the direction of shear transfer, for studs in the “weak
position™, the resulting reduction in edge distance between the stud and rib wall can
lead to premature failure accompanied by punching of the stud through the steel
deck. Therefore, in addition to applying the required cap of 0.75 on the reduction
factor (EquationI13-1) for single studs in a rib, it is recommended to avoid situations
where all the studs may be located in the “weak position” by cither alternating stud
placement between the “weak™ and “strong” positions or coordinating placement
of studs to ensure they are all installed in the strong position.

For the case where ribs run parallel to the beam, limited testing (Grant et al., 1977)
has shown that shear connection is not significantly affected by the ribs. However,
for narrow ribs, where the ratio w,. /A, is less than 1.5, a shear stud reduction factor,
Equation 13-2, has beecn cmploycd in view of lack of tcst data.

The Lehigh study (Grant et al., 1977) also indicated that Equation C-13-7 for effec-
tive section modulus and Equation C-I3-6 for effective moment of inertia were
valid for composite construction with formed steel deck.
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I4.

Based on the Lehigh test data (Grant et al., 1977), the maximum spacing of steel
deck anchorage to resist uplift was increased from 16 (405 mm) to 18 in. (460 mm)
in order to accommodate current production profiles.

When metal deck includes units for carrying electrical wiring, crossover headers
arc commonly installed over the cellular deck perpendicular to the ribs. They create
trenches which completely or partially replace sections of the concrete slab above
the deck. These trenches, running parallel to or transverse to a composite beam,
may reduce the effectiveness of the concrete flange. Without special provisions to
replace the concrete displaced by the trench, the trench should be considered as a
complete structural discontinuity in the concrete flange.

When trenches are parallel to the composite beam, the effective flange width should
be determined from the known position of the trench.

Trenches oriented transverse to composite beams should, if possible, be located in
arcas of low bending moment and the full required number of studs should be
placed between the trench and the point of maximum positive moment. Where the
trench cannot be located in an area of low moment, the beam should be designed as
non-composite.

Design Shear Strength

A conservative approach to vertical shear provisions for composite beams is
adopted by assigning all shear to the steel section web. This neglects any concrete
slab contribution and serves to simplify the design.

COMBINED COMPRESSION AND FLEXURE

The procedure adopted for the design of beam-columns is described and supported
by comparisons with test data in Galambos and Chapuis (1980). The basic
approach is identical to that specified for steel columns in Section HI.
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Fig. C-13.4. Alternative shear stud positions in rib decked profiles.
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The nominal axial strength of a beam-column is obtained from Section 12.2, while
the nominal flexural strength is determined from the plastic stress distribution on
the composite section. An approximate formula for this plastic moment resistance
of a composite column is given in Galambos and Chapuis (1980).

h, —2c h
z\/[”:A/[p:ZFy+(2f’)AF+ n_

L2 s

AF,
— Y 4 F (C-14-1)

why

where

A, =web area of encased steel shape; for concrete-filled HSS, 4,,= 0, in.? (mm?)

Z = plastic section modulus of the steel section, in.* (mm®)

¢, =average of distance from compression face to longitudinal reinforcement in
that face and distance from tension face to longitudinal reinforcement in
that face, in. (mm)

Ay =width of composite cross section perpendicular to the plane of bending, in.
(mm)

h, =widthof composite cross section parallel to the plane of bending, in. (mm)

The supporting comparisons with beam-column tests included 48 concrete filled
pipes or tubing and 44 concrete-encased steel shapes (Galambos and Chapuis,
1980). The overall mean test-to-prediction ratio was 1.23 and the coefficient of
variation 0.21.

The last paragraph in Section 14 provides a transition from beam-columns to
beams. It involves bond between the steel section and concrete. Section I3 for
beams requires either shear connectors or full, properly reinforced encasement of
the steel section. Furthermore, even with full encasement, it is assumed that bond is
capable of developing only the moment at first yielding in the steel of the composite
section. No test data are available on the loss of bond in composite beam-columns.
However, consideration of tensile cracking of concrete suggests P,/ ¢.2,=0.3 asa
conservative limit. It is assumed that when P, / ¢.P, is less than 0.3, the nominal
flexural strength is reduced below that indicated by plastic stress distribution onthe
composite cross section unless the transfer of shear from the concrete to the steel is
provided for by shear connectors.

SHEAR CONNECTORS
Materials

Tests (Ollgaard, Slutter, and Fisher, 1971) have shown that fully composite beams
with concrete meeting the requirements of Part 3, Chapter 4, “Concrete Quality,” of
ACT (1999), made with ASTM C33 or rotary-kiln produced C330 aggregates,
develop full flexural capacity.

Horizontal Shear Force

Composite beams in which the longitudinal spacing of shear connectors was varied
according to the intensity of the static shear, and duplicate beams in which the con-
nectors were uniformly spaced, exhibited the same ultimate strength and the same
amount of deflection at normal working loads. Only a slight deformation in the con-
crete and the more heavily stressed connectors is needed to redistribute the horizon-
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tal shear to other less heavily stressed connectors. The important consideration is
that the total number of connectors be sufficient to develop the shear V}, on either
side of the point of maximum moment. The provisions of the LRFD Specification
are based upon this concept of composite action.

In computing the design flexural strength at points of maximum negative bending,
reinforcement parallel to the steel beam within the effective width of the slab may
be included, provided such reinforcement is properly anchored bevond the region
of negative moment. However, enough shear connectors are required to transfer the
ultimate tensile force in the reinforcement, from the slab to the steel beam.

Strength of Stud Shear Connectors

Studies have defined stud shear connector strength in terms of normal weight and
lightweight aggregate concretes as a function of both concrete modulus of elasticity
and concrete strength as given by Equation I5-1.

Equation I5-1, obtained from Ollgaard et al. (1971), corresponds to Tables 14.1 and
14.2 in Section 14 of the 1989 AISC ASD Specification. Note that an upper bound
on stud shear strength is the product of the cross-sectional area of the stud times its
ultimate tensile strength.

The LRFD Specification does not specify a resistance factor for shear connector
strength. The resistance factor for the flexural strength of a composite beam
accounts for all sources of variability, including those associated with the shear
connectors.

Strength of Channel Shear Connectors

Equation I5-2 is a modified form of the formula for the strength of channel connec-
tors developed by Slutter and Driscoll (1965). The modification has extended its
use to lightweight concrete.

Shear Connector Placement and Spacing

Uniform spacing of shear connectors is permitted except in the presence of heavy
concentrated loads.

Studs not located directly over the web of a beam tend to tear out of a thin flange
before attaining full shear-resisting capacity. To guard against this contingency, the
size of a stud not located over the beam web is limited to 24 times the flange thick-
ness (Goble, 1968).

The minimum spacing of connectors along the length of the beam, in both flat soffit
concrete slabs and in formed steel deck with ribs parallel to the beam, is six diame-
ters; this spacing reflects development of shear planes in the concrete slab
(Ollgaard et al., 1971). Since most test data are based on the minimum transverse
spacing of four diameters, this transverse spacing was set as the minimum permit-
ted. If the steel beam flange is narrow, this spacing requirement may be achieved by
staggering the studs with a minimum transverse spacing of three diameters between
the staggered row of studs. The reduction in connector capacity in the ribs of
formed steel decks is provided by the factor 085/ +/N, , which accounts for the
reduced capacity of multiple connectors, including the effect of spacing. When
deck ribs are parallel to the beam and the design requires more studs than can be
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placed inthe rib, the deck may be split so that adequate spacing is available for stud
installation. Figure C-15.1 shows possible connector arrangements.

I6. SPECIAL CASES

Tests are required for construction that falls outside the limits given in the Specifi-
cation. Different types of shear connectors may require different spacing and other
detailing than stud and channel connectors.
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Fig C-15.1. Shear connector arrangements.
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CHAPTER J

CONNECTIONS, JOINTS, AND FASTENERS

GENERAL PROVISIONS
Splices in Heavy Sections

Solidified but still-hot filler metal contracts significantly as it cools to ambient
temperature. Shrinkage of large welds between elements which are not free to
move to accommodate the shrinkage causes strains in the material adjacent to the
weld that can exceed the vield point strain. In thick material the weld shrinkage is
restrained in the thickness direction, as well as in the width and length directions,
causing triaxial stresses to develop that may inhibit the ability of ductile steel to
deform in a ductile manner. Under these conditions, the possibility of brittle frac-
ture increases.

When splicing ASTM A6/A6M Group 4 and 5 rolled sections or heavy welded
built-up members, the potentially harmful weld shrinkage strains can be avoided
by using bolted splices or fillet-welded lap splices or splices that combine a
welded and bolted detail (see Figure C-J1.1). Details and techniques that perform
well for materials of modest thickness usually must be changed or supplemented
by more demanding requirements when welding thick material. Also, the provi-
sions of the Structural Welding Code, AWS D 1.1, are minimum requirements that
apply to most structural welding situations; however, when designing and fabri-
cating welded splices of ASTM A6/A6M Group 4 and 5 shapes and similar
built-up cross sections, special consideration must be given to all aspects of the
welded splice detail.
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Fig. C-J1.1. Alternative splices that minimize weld restraint tensile stresses.
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¢ Notch-toughness requirements should be specified for tension members. See
Commentary Section A3.

¢ Generously sized weld access holes, Figure C-J1.2, are required to provide
increased relief from concentrated weld shrinkage strains, to avoid close junc-
ture of welds in orthogonal directions, and to provide adequate clearance for the
exercise of high quality workmanship in hole preparation, welding, and ease of

inspection.
Backing if Backing if
used’ used’

==

Radius precut by
dri/é or hole saw
R (see | D,\f 74 in. (19mm)

nofe 2
2ty Y4 lin. (7917‘7/\m) 21.5, a1

20,2 in(19mm)

Need ;gf be
tfangenf, nofches

indle of / prohibifed
ngle o

s/o%e not 2y 3/4/l/n (19mm)

| crifica/

Opfional method for
21.54, Y making corner radius

>ty>%4/in. (19mm) tv> 4 in. (19mm)
Rolled shape' or Fillet
groove welded shape ™ welded shape'*

Notes:

1. For ASTM A6 Group 4 and 5 shapes and welded built-up shapes with plate thickness more than 2
in. (50 mm), preheat to 150°F (65° C) prior to thermal cutting, grind and inspect thermally cut
edges of access hole using magnetic particle or dye penetration methods prior to making web
and flange splice groove welds.

2. Radius shall provide smooth notch-free transition; R > Y4-in. (10 nun) (typical Vy-in. (13 num))
3. Access opening made after welding web to flange.
4. Access opening made before welding web to flange.

5. These are typical details for joints welded from one side against steel backing. Alternative joint
designs should be considered.

Fig. C-J1.2. Weld access hole geometry.
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¢ Preheating for thermal cutting is required to minimize the formation of a hard
surface layer.

¢ Grinding to bright metal and inspection using magnetic particle or dye-penetrant
methods is required to remove the hard surface layer and to assure smooth transi-
tions free of notches or cracks.

Inaddition to tension splices of truss chord members and tension flanges of flexural
members, other joints fabricated of heavy sections subject to tension should be
given special consideration during design and fabrication.

8. Placement of Welds and Bolts

Slight eccentricities between the gravity axis of single and double angle members
and the center of gravity of connecting rivets or bolts have long beenignored as hav-
ing negligible effect on the static strength of such members. Tests (Gibson and
Wake, 1942) have shown that similar practice is warranted in the case of welded
members in statically loaded structures.

However, the fatigue life of eccentrically loaded welded angles has been shown to
be very short (Kloppel and Seeger, 1964). Notches at the roots of fillet welds are
harmful whenalternating tensile stresses are normal to the axis of the weld, as could
occur due to bending when axial cyclic loading is applied to angles with end welds
not balanced about the ncutral axis. Accordingly, balanced welds are indicated
when such members are subjected to cyclic loading (see Figure C-J1.3).

9. Bolts in Combination with Welds

Welds will not share the load equally with mechanical fasteners in bearing-type
connections. Before ultimate loading occurs, the fastener will slip and the weld will
carry an indeterminately larger share of the load.

Accordingly, the sharing of load between welds and A307 bolts or high-strength
bolts in a bearing-type connection is not recommended. For similar reasons, A307
bolts and rivets should not be assumed to share loads inasingle group of fasteners.

For high-strength bolts in slip-critical connections to share the load with welds it is

F
/

Welds balanced about the Welds balanced about the
neutral axis of the angle center line of the angle

Figure C-J1.3. Balanced welds.
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advisable to fully tension the bolts before the weld is made. If the weld is placed
first, angular distortion from the heat of the weld might prevent the faying action
required for development of the slip-critical force. When the bolts are fully
tensioned before the weld is made, the slip-critical bolts and the weld may be
assumed to share the load on a common shear plane (Kulak, Fisher, and Struik,
1987). The heat of welding near bolts will not alter the mechanical properties of the
bolts.

In making alterations to existing structures, it is assumed that whatever slip is likely
to occur in high-strength bolted bearing-type connections or riveted connections
will have already taken place. Hence, in such cases the use of welding to resist all
stresses, other than those produced by existing dead load present at the time of mak-
ing the alteration, is permitted.

It should be noted that combinations of fasteners as defined herein does not refer to
connections such as shear plates for beam-to-column connections which are
welded to the column and bolted to the beam flange or web (Kulak et al., 1987) and
other comparable connections.

High-Strength Bolts in Combination with Rivets

When high-strength bolts are used in combination with rivets, the ductility of the
rivets permits the direct addition of the strengths of both fastener types.

WELDS

Groove Welds

The engineer preparing contract design drawings cannot specify the depth of
groove without knowing the welding process and the position of welding. Accord-
ingly, only the effective throat for partial-joint-penctration groove welds should be
specified on design drawings, allowing the fabricator to produce this effective
throat with his own choice of welding process and position. The weld reinforce-
ment is not used in determining the effective throat thickness of a groove weld (see
Table J2.1).

Fillet Welds

Effective Area

The effective throat of a fillet weld is based upon the root of the joint and the face of
the diagrammatic weld, hence this definition gives no credit for weld penetration or
reinforcement at the weld face. If the fillet weld is made by the submerged arc weld-
ing process, some credit for penetration is made. If the leg size of the resulting fillet
weld exceeds %-in. (10 mm), then0.11 in. (3 mm) is added to the theoretical throat.
This increased weld throat is allowed because the submerged arc process produces
deep penetration of welds of consistent quality. However, it is necessary to run a
short length of fillet weld to be assured that this increased penetration is obtained. In
practice, this is usually done initially by cross-sectioning the runoff plates of the
joint. Once this is done, no further testing is required, as long as the welding proce-
dure is not changed.
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2b.

Limitations

Table J2.4 provides a minimum size of fillet weld fora given thickness of the thicker
part joined.

The requirements are not based upon strength considerations, but upon the quench
effect of thick material on small welds. Very rapid cooling of weld metal may result
inaloss of ductility. Further, the restraint to weld metal shrinkage provided by thick
material may result inweld cracking. Because a ¥;-in. (8 mm) fillet weld is the larg-
est that canbe deposited in a single pass by SMAW process, ¥s-in. (8§ mm) applies to
all material ¥-in. (19 mm) and greater in thickness, but minimum preheat and
interpass temperature are required by AWS D1.1.* Both the design engineer and
the shop welder must be governed by the requirements.

Table J2.3 gives the minimum effective throat of a partial-joint-penetration groove
weld. Notice that Table J2.3 for partial-joint-penctration groove welds goesup to a
plate thickness of over 6 in. (150 mm) and a minimum weld throat of %-in. (16 mm),
whereas, for fillet welds Table J2.4 goes up to a plate thickness of over ¥-in. (19
mm) and a minimum leg size of fillet weld of only 3{-in. (8 mm). The additional
thickness for partial-joint-penetration groove welds is to provide for reasonable
proportionality between weld and material thickness.

For plates of -in. (6 mm) or more in thickness, it is necessary that the inspector be
able to identify the edge of the plate to position the weld gage. This is assured if the
weld is kept back at least /{s-in. (2 mm) from the edge. as shown in Figure C-J2.1.

Where longitudinal fillet welds are used alone in a connection (see Figure C-J2.2),
Section J2.2b requires the length of each weld to be at least equal to the width of the
connecting material because of shear lag (Freeman, 1930).

By providing a minimum lap of five times the thickness of the thinner part of a lap

$

Apparent weld /
throat throat Actual weld throaf

* See Table 12.4.

Apparent edge Actual edge of fs'dsg'/ﬁ:;g;h‘;g /,:/afe

of plafe plafe before

welding

Acfual weld

is distinguishable

Fig. C-J2.1. Identification of plate edge.
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joint, the resulting rotation of the joint when pulled will not be excessive, as shown
in Figure C-J2.3. Fillet welded lap joints under tension tend to open and apply a
tearing action at the root of the weld as shown in Figure C-J2.4b, unless restrained
by a force F as shown in Figure C-J2.4a.

End returns are not essential for developing the capacity of fillet welded connec-
tions and have a negligible effect on their strength. Their use has been encouraged
to insure that the weld size is maintained over the length of the weld, to enhance the
fatigue resistance of cyclically loaded flexible end connections, and to increase the
plastic deformation capability of such connections.

The weld capacity database on which the specifications were developed had no end
returns. This includes the study by Higgins and Preece (1968), seat angle tests by
Lyse and Schreiner (1935), the seat and top angle tests by Lyse and Gibson (1937),
beam webs welded directly to column or girder by fillet welds by Johnston and
Deits (1942), and the eccentrically loaded welded connections reported by Butler,
Pal, and Kulak (1972). Hence, the current design-resistance values and
joint-capacity models do not require end returns when the required weld size is
provided. Johnston and Green (1940) noted that movement consistent with the
design assumption of no end restraint (i.c., joint flexibility) was enhanced without
end returns. They also verified that greater plastic deformation of the connection
was achieved when end returns existed, although the strength was not significantly
different.

FigC-J2.2. Longitudinal fillet welds.

Overlap Overlap

-

Fig. C-J2.3. Minimum lap.
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When longitudinal fillet welds parallel to the stress are used to transmit the load to
the end of an axially loaded member, the welds are termed “end loaded”. Typical
examples of such welds would include, but are not necessarily limited to, longitudi-
nally welded lap joints at the end of axially loaded members, welds attaching bear-
ing stiffeners, and similar cases. Typical examples of longitudinally loaded fillet
welds which are not considered end loaded include, but are not limited to, welds
that connect plates or shapes to form built-up cross sections in which the shear force
is applied to each increment of length of weld stress depending upon the distribu-
tion of shear load along the length of the member, welds attaching beam web con-
nection angles and shear plates because the flow of shear force from the beam or
girderweb to the weld is essentially uniform throughout the weld length, that is, the
weld is not end-loaded despite the fact that it is loaded parallel to the weld axis. Nei-
ther does the reduction factor apply to welds attaching stiffeners to webs because
the stiffeners and welds are not subject to calculated axial stress but merely serve to
keep the web flat.

The distribution of stress along the length of end loaded fillet welds is far from uni-
form and is dependent upon complex relationships between the stiffness of the lon-
gitudinal fillet weld relative to the stiffness of the connected materials. Bevond
some length, it is non-conservative to assume that the average stress over the total
length of the weld may be taken as equal to the full design strength. Experience has
shown that when the length of the weld is equal to approximately 100 times the
weld size or less, it is reasonable to assume the effective length is equal to the actual
length. For weld lengths greater than 100 times the weld size, the effective length
should be taken less thanthe actual length. The reduction coefficient, B, provided in
Section J2.2b is the equivalent of Eurocode 3, which is a simplified approximation
to exponential formulas developed by finite element studies and tests preformed in
Europe over many years. The criterion is based upon combined consideration of
nominal strength for fillet welds with leg size less than ) in. (6 mm) and upon a
judgement based serviceability limit of slightly less than 14, in. (I mm) displace-
ment at the end of the weld for welds with leg size }; in. (6 mm) and larger. Mathe-
matically, the application of the B factor implies that the minimum strength of an
end-loaded weld is achieved when the length is approximately 300 times the leg
size. Because it is illogical to conclude that the total strength of a weld longer than
300 times the weld size would be less than a shorter weld, the length reduction coef-
ficient is taken as 0.6 whenthe weld length is greater than 300 times the leg size.

Fillet weld terminations do not affect the strength or serviceability of connections

E———o

k

(a) Restrained (b) Unrestrained

.|__

Fig C-J2.4. Restraint of lap joints.
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inmost cases. However, in certain cases, the disposition of welds affect the planned
function of connections, and notches may affect the static strength and/or the resis-
tance to crack initiation if cyclic loads of sufficient magnitude and frequency occur.
For these cases, limitations are specified to assure desired performance.

(a) At lapped joints where one part extends beyond the end or edge of the part to
which it is welded and if the parts are subject to calculated tensile stress at the
start of the overlap, it is important that the weld terminate a short distance from
the stressed edge. For one typical example, the lap joint between the tee chord
and the web members of a truss, the weld should not extend to the edge of the
tee stem. See Figure C-J2.5. The best technique to avoid inadvertent notches at
this critical location s to strike the welding arc at a point slightly back from the
edge and proceed with welding in the direction away fromthe edge. See Figure
C-J2.6. On the other hand, where framing angles extend beyond the end of the
beam web to which they are welded, the free end of the beam web is subject to
zero stress; thus, it is permissible for the fillet weld to extend continuously
across the top end, along the side and along the bottom end of the angle to the
extreme end of the beam. See Figure C-J2.7.

(b) For connections which are subject to maximum stress at the weld termination

Fig. C-J2.5. Fillet welds near tension edges.

1

-

Fig. C-J2.6. Suggested direction of welding travel to avoid notches.

Start
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due to cyclic forces and/or moments of sufficient magnitude and frequency to
initiate cracks emanating from unfilled start or stop craters orother discontinu-
ities, at the end of the weld must be protected by boxing or returns. If the
bracket is a plate projecting from the face of a support, extra care must be exer-
cised in the deposition of the boxing weld across the thickness of the plate to
assure that a fillet free of notches is provided.

(c) For connections such as framing angles and simple end plates which are
assumed in design of the structure to be flexible connections, the top and bot-
tom edges of the outstanding legs must be left unwelded over a substantial por-
tion of their length in order to assure flexibility of the connection. Research
tests (Johnston and Green, 1940) have shown that the static strength of the con-
nection is the same with or without end returns; therefore the use of returns is
optional, but if used, their length must be restricted to not more than four times
the weld size, see Figure C-J2.8.

(d) Experience has shown that when ends of intermediate transverse stiffeners on
the webs of plate girders are not welded to the flanges (the usual practice),
small torsional distortions of the flange which occur near shipping bearing
points in the normal course of shipping by rail or truck may cause high
out-of-plane bending stresses (vield point) and fatigue cracking at the toe of
the web-to-flange welds. This has been observed even with closely fitted stiff-

5

— ———— Weldto
beam web
may extend
to end of

5 beam

L~

Fig.C-J2.7. Fillet weld details on framing angles.

Fig. C-J2.8. Flexible connection returns optional unless subject to fatigue.
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eners. The intensity of these out-of-plane stresses may be effectively limited
and cracking prevented if “breathing room” is provided by terminating
web-to-flange welds. The unwelded distance should not exceed six times the
web thickness to assure that column buckling of the web within the unwelded

WELDS

length does not occur.

(¢) Forfillet welds which occur on opposite sides of a common plane, it is not pos-
sible to deposit a weld continuously around the corner from one side to the
other without causing a gouge in the corner of the parts joined; therefore the
welds must be interrupted at the corner. See Figure C-J2.9.

4.  Design Strength

The strength of welds is governed by the strength of either the base material or the
deposited weld metal. Table J2.5 contains the resistance factors and nominal weld

strengths, as well as a number of limitations.

It should be noted that in Table J2.5 the nominal strength of fillet welds is deter-
mined from the effective throat arca, whereas the strength of the connected parts is
governed by their respective thicknesses. Figure C-J2.10 illustrates the shear planes

for fillet welds and base material:

(a) Plane 1-1, in which the resistance is governed by the shear strength for mate-

rial A.

Do Not Tie Welds
Together Here

Fig. C-J2.9. Details for fillet welds which occur on opposite sides of a common plane.
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Fig C-J2.10. Shear planes for fillet welds loaded in longitudinal shear.
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(b) Plane 2-2, in which the resistance is governed by the shear strength of the weld
metal.

(c) Plane 3-3, inwhich the resistance is governed by the shear strength of the mate-
rial B.

The resistance of the welded joint is the lowest of the resistance calculated in each
plane of shear transfer. Note that planes 1-1 and 3-3 are positioned away from the
fusion arcas between the weld and the base material. Tests have demonstrated that
the stress on this fusion area is not critical in determining the shear strength of fillet
welds (Preece, 1968).

The shear planes for plug and partial-joint-penetration groove welds are shown in
Figure C-J2.11 for the weld and base metal. Generally the base metal will govern
the shear strength.

Combination of Welds

This method of adding weld strengths does not apply to a welded joint using a par-
tial-joint-penetration single bevel groove weld with a superimposed fillet weld. In
this case, the effective throat of the combined joint must be determined and the
design strength based upon this throat area.

Weld Metal Requirements

Applied and residual stresses and geometrical discontinuities from back-up bars
with associated notch effects contribute to sensitivity to fracture. Some weld metals
in combination with certain procedures result in welds with low notch toughness.
The Specification requires a minimum specified toughness for weld metals in those
joints that are subject to more significant applied stresses and toughness demands.

The level of toughness required was selected as one level more conservative than

o o
|| || ||
(a) Plug welds

(b) Partial-joint-penetration groove welds
Fig C-J2.11. Shear planes for plug and partial-joint-penetration groove welds.
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the base metal requirement for Group 4 and 5 shapes. Research continues on this
subject.

Mixed Weld Metal

Problems can occur when incompatible weld metals are used in combination and
notch-tough composite weld metal is required. For instance, tack welds deposited
using a self-shielded process with aluminum deoxidizers in the electrodes and sub-
sequently covered by SAW weld passes can result in composite weld metal with
low notch-toughness, despite the fact that each process by itself could provide
notch-tough weld metal.

BOLTS AND THREADED PARTS
High-Strength Bolts

In general, the use of high-strength bolts is required to conform to the provisions of
the Load and Resistance Factor Design Specification for Structural Joints Using
ASTM A325 or A490 Bolts (RCSC, 1994) as approved by the Research Council on
Structural Connections.

Occasionally the need arises for the use of high-strength bolts of diameters and
lengths in excess of those available for A325 or A325M and A490 or A490M bolts,
as for example, anchor rods for fastening machine bases. For this situation Section
A3.3 permits the use of A449 bolts and A354 threaded rods.

With this edition of the Specification snug-tightened installation is permitted for
static applications involving ASTM A325 or A325M bolts (only) in tension or
combined shear and tension. Figures C-J3.1 and C-J3.2 iltustrate the results of test-
ing by Johnson (1996) on tee stubs bolted flange-to-flange with two ASTM A325
bolts. This testing involved two lengths (2% in. and 3} in.) (70 mm and 83 mm) and
several combinations of installed pretension (finger-tight, snug-tight, and
pretensioned). The 2¥-in. (70 mm) bolt length corresponds to the least number of
threads remaining in the grip. The 3Y4-in. (83 mm) bolt length corresponds to the
maximum number of threads remaining in the grip. As evidenced by the data, the
installation condition does not affect the ultimate strength.

100

o - — — — — — — — —
n— - — — — — — — — —
or— — — — — — — — — —

o H—y — — — — — — — ]

Fracture Load (kips}

wr— — — — — — — — — —

wWH— — — — — — — — — —

FT/FT FTIFT FT/ST FT/PT ST/ST ST/ST ST/PT PT/IPT PT/PT
Fig C-J3.1. Johnson (1996) tests, 2¥-in.-long, ¥-in.-diameter ASTM A325 bolts.
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There are practical cases in the design of structures where slip of the connection is
desirable in order to allow for expansion and contraction of a joint in a controlled
manner. Regardless of whether force transfer is required in the directions normal to
the slip direction, the nuts should be hand-tightened with a spud wrench and then
backed off one-quarter turn. Furthermore, it is advisable to deform the bolt threads
or use alocking nut or jamb nut to insure that the nut does not back off under service
conditions. Thread deformation is commonly accomplished with a cold chisel and
hammer applied at one location. Note that tack-welding of the nut to the bolt
threads is discouraged.

Size and Use of Holes

To provide some latitude for adjustment in plumbing up a frame during erection,
three types of enlarged holes are permitted, subject to the approval of the designer.
The nominal maximum sizes of these holes are given in Table J3.3 or J3.3M. The
use of these enlarged holes is restricted to connections assembled with bolts and is
subject to the provisions of Sections J3.3 and J3.4.

Minimum Spacing

The maximum factored strength R, at a bolt or rivet hole in bearing requires that the
distance between the centerline of the first fastener and the edge of a plate toward
which the force is directed should not be less than 1! d where d is the fastener diam-
eter (Kulak et al., 1987). By similar reasoning the distance measured in the line of
force, from the centerline of any fastener to the nearest edge of an adjacent hole,
should not be less than 3d, to ensure maximum design strength in bearing. Plotting
of numerous test results indicates that the critical bearing strength is directly pro-
portional to the above defined distances up to a maximum value of 3d, above which

no additional bearing strength is achieved (Kulak et al., 1987)] FabteF3Fststhe-

| Section J3.10 gives the bear-

ing strength criteria as a function of spacing.
Minimum Edge Distance

Critical bearing stress is a function of the material tensile strength, the spacing of
120

100
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Fracture Load (kips)
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FT/FT FT/FT FT/ST FT/PT ST/ST ST/ST ST/IPT PT/IPT PT/PT

Fig. C-J3.2. Johnson (1996) tests, 3);-in.-long, ¥/,-in.-diameter ASTM A325 bolts.
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fasteners, and the distance from the edge of the part to the center line of the nearest
fastener. Tests have shown (Kulak et al., 1987) that a lincar relationship exists
between the ratio of critical bearing stress to tensile strength (of the connected
material) and the ratio of fastener spacing (in the line of force) to fastener diameter.
The following equation affords a good lower bound to published test data for sin-
gle-fastener connections with standard holes, and is conservative for adequately
spaced multi-fastener connections:

L P

r

/e
= (C-13-1)

u

where

F,.,= critical bearing stress, ksi (MPa)

F., = tensile strength of the connected material, ksi (MPa)

/. = distance, along a line of transmitted force, from the center of a fastener to
the nearest edge of an adjacent fastener or to the free edge of a connected
part (in the direction of stress), in. (mm)

d = diameter of fastener, in. (mm)

The provisions of Section J3.3 are concerned with /, as hole spacing, whereas Sec-
tion J3.4 is concerned with /, as edge distance in the direction of stress.

Section J3.10 establishes a maximum bearing strength. Spacing and/or edge dis-
tance may be increased to provide for a required bearing strength, or bearing force
may be reduced to satisfy a spacing and/or edge distance limitation.

It has long been known that the critical bearing stress of a single fastener connection
is more dependent upon a given edge distance than multi-fastener connections
(Jones, 1940). For this reason, longer edge distances (in the direction of force) are
required for connections with one fastener in the line of transmitted force than
required for those having two or more. The recommended minimum distance trans-
verse to the direction of load is primarily a workmanship tolerance. It has little, if
any, effect on the strength of the member.

Maximum Spacing and Edge Distance

Limiting the edge distance to not more than 12 times the thickness of an outside
connected part, but not more than six in. (150 mm), is intended to provide for the
exclusion of moisture in the event of paint failure, thus preventing corrosion
between the parts which might accumulate and force these parts to separate. More
restrictive limitations are required for connected parts of unpainted weathering
steel exposed to atmospheric corrosion.

Design Tension or Shear Strength

Tension loading of fasteners is usually accompanied by some bending due to the
deformation of the connected parts. Hence, the resistance factor ¢, by which R,, is
multiplied to obtain the design tensile strength of fasteners, is relatively low. The
nominal tensile strength values in Table J3.2 were obtained from the equation

R, =0.754, F, (C-J3-2)

This tensile strength given by Equation C-J3-2 is independent of whether the bolt
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was initially installed pretensioned or snug-tightened. Recent tests (Johnson, 1996
and Murray, Kline, and Rojani, 1992) confirm that the performance of ASTM
A325 and A325M bolts in tension not subjected to fatigue are unaffected by the
original installation condition. While the equation was developed for bolted con-
nections (Kulak et al., 1987), it was also conservatively applied to threaded parts
and to rivets.

Inconnections consisting of only a few fasteners, the effects of strain onthe shearin
bearing fasteners is negligible (Kulak et al., 1987 and Fisher et al., 1978). In longer
joints, the differential strain produces an uneven distribution between fasteners
(those near the end taking a disproportionate part of the total load), so that the maxi-
mum strength per fastener is reduced. The AISC ASD Specification permits con-
nections up to 50 in. (1 270 mm) in length without a reduction in maximum shear
stress. With this in mind the resistance factor ¢ for shear in bearing-type connec-
tions has been selected to accommodate the same range of connections.

The values of nominal shear strength in Table J3.2 were obtained from the equation

R, Imd, =050F, (C-13-3)
when threads are excluded from the shear planes and
R, Imd, =040F, (C-13-4)

when threads are not excluded from the shear plane, where m is the number of shear
planes (Kulak et al., 1987). While developed for bolted connections, the equations
were also conservatively applied to threaded parts and rivets. The value given for
A307 bolts was obtained from Equation C-J3-4 but is specified for all cases regard-
less of the position of threads. For A325 or A325M bolts, no distinction is made
between small and large diameters, even though the minimum tensile strength F, is
lower for bolts with diameters in excess of one inch. It was felt that such a refine-
ment of design was not justified, particularly in view of the low resistance factor ¢,
the increasing ratio of tensile arca to gross arca, and other compensating factors.

Combined Tension and Shear in Bearing-Type Connections

Tests have shown that the strength of bearing fasteners subject to combined shear
and tension resulting from externally applied forces can be closely defined by an
cllipse (Kulak et al., 1987). Such a curve can be replaced, with only minor devia-
tions, by three straight lines as shown in Figure C-J3.3. This latter representation
offers the advantage that no modification of either type stress is required in the pres-
ence of fairly large magnitudes of the other type. This linear representation was
adopted for Table J3.5, giving a limiting tensile stress F; as a function of the shear-
ing stress f, for bearing-type connections. Following a change in the 1994 RCSC
LRFD Specification for Structural Joints Using ASTM A325 or A490 Bolts, the
coefficients in the equations in Table J3.5 have been modified for consistency
(Carter, Tide, and Yura, 1997).

High-Strength Bolts in Slip-Critical Connections

Connections classified as slip-critical include those cases where slip could theoreti-
cally exceed an amount deemed by the Engineer of Record to affect the suitability
for service of the structure by excessive distortion or reduction in strength or stabil-
ity, even though the nominal strength of the connection may be adequate. Also
included are those cases where slip of any magnitude must be prevented, for exam-
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ple, joints subject to fatigue, connectors between elements of built-up members at
their ends (Sections D2 and E4), and bolts in combination with welds (Section
J1.9).

The onset of slipping in a high-strength bolted, slip-critical connection is not an
indication that the maximum strength of the connection has been reached. Its occur-
rence may be only a serviceability limit state. The design check for slip resistance
can be made at two different load levels, factored loads (Sections J3.8a and J3.9a)
and service loads (Appendices J3.8b and J3.9b). The nominal slip resistances r,
and F, A4, to be used with factored loads and service loads, respectively, are based on
two different design concepts. The slip resistance r, with factored loads is the mean
resistance per bolt, which is a function of the mean slip coefficient and the clamping
force. The 1.13 factor in (Equation J3-1) accounts for the expected 13 percent
increase above the minimum specified preload provided by calibrated wrench
tightening procedures. This was used to represent typical installations. The fac-
tored load resistance r,, uses the B reliability index approach that is used for the
other design checks such as tension and bearing. The service load approach uses a
probability of slip concept that implies a 90 percent reliability that slip will not
occur if the calibrated wrench method of bolt installation is used.

The Engineer of Record must make the determination to use factored loads, service
loads, or both in checking the slip resistance of a slip-critical connection. The fol-
lowing commentary is provided as guidance and an indication of the intent of the
Specification.

In the case of slip-critical connections with three or more bolts in holes with only a
small clearance, such as standard holes and slotted holes loaded transversely to the
axis of the slot, the freedom to slip does not generally exist because one or more
bolts are in bearing even before load is applied due to normal fabrication tolerances
and erection procedures. If connections with standard holes have only one or two
bolts in the direction of the applied force, a small slip may occur. In this case,
slip-critical connections subjected to vibration or wind should be checked for slip at
service-load levels. In built-up compression members, such as double-angle struts
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Fig. C-J3.3. Three straight line approximation.
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in trusses, a small slip in the end connections can significantly reduce the strength
of the compression member so the slip-critical end connection should be checked
for slip at the factored-load level, whether or not a slip-critical connection is
required by a serviceability requirement.

In connections with long slots that are parallel to the direction of the applied load,
slip of the connection prior to attainment of the factored load might be large enough
to alter the usual assumption of analysis that the undeformed structure can be used
to obtain the internal forces. The Specification allows the designer two alternatives
in this case. If the connection is designed so that it will not slip under the effects of
service loads, then the effect of the factored loads acting on the deformed structure
(deformed by the maximum amount of slip in the long slots at all locations) must be
included in the structural analysis. Alternatively, the connection canbe designed so
that it will not slip at loads up to the factored load level.

Joints subjected to full reverse cyclical loading are clearly slip-critical joints since
slip would permit back and forth movement of the joint and early fatigue. However,
for joints subjected to pulsating load that does not involve reversal of direction,
proper fatigue design could be provided either as a slip-critical joint on the basis of
stress on the gross section, or as a non-slip-critical joint on the basis of stress on the
net section. Because fatigue results from repeated application of the service load
rather than the overload load, design should be based upon service-load criteria.

For high-strength bolts in combination with welds in statically loaded conditions
and considering new work only, the nominal strength may be taken as the sum of the
slip resistances provided by the bolts and the shear resistance of the welds. Section
J1.9 requires that the slip resistance be determined at factored load levels. If one
type of connector is already loaded when the second type of connector is intro-
duced, the nominal strength cannot by obtained by adding the two resistances. The
Guide (Kulak et al., 1987) should be consulted in these cases.

Slip of slip-critical connections is likely to occur at approximately 1.4 to 1.5 times
the service loads. For standard holes, oversized holes, and short-slotted holes the
connection can be designed either at service loads (Appendix J3.8b) or at factored
loads (Section J3.8a). The nominal loads and ¢ factors have been adjusted accord-
ingly. The number of connectors will be essentially the same for the two procedures
because they have been calibrated to give similar results. Slight differences will
occur because of variation in the ratio of live load to dead load.

In connections containing long slots that are parallel to the direction of the applied
load, slip of the connection prior to attainment of the factored load might be large
enough to alter the usual assumption of analysis that the undeformed structure can
be used to obtain the internal forces. To guard against this occurring, the design slip
resistance is further reduced by 0.8 when designing at service load (Appendix
J3.8b) and by setting ¢ to 0.60 in conjunction with factored loads (Section J3.8a).

While the possibility of a slip-critical connection slipping into bearing under antici-
pated service conditions is small, such connections must comply with the provi-
sions of Section J3.10 in order to prevent connection failure at the maximum load
condition.
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Bearing Strength at Bolt Holes

Provisions for bearing strength of pins differ from those for bearing strength of
bolts; refer to Section J8.

Bearing values are provided as a measure of the strength of the material upon which
a bolt bears, not as a protection to the fastener, which needs no such protection.
Accordingly, the same bearing value applies to all joints assembled by bolts,
regardless of fastener shear strength or the presence or absence of threads in the
bearing area.

Material bearing strength may be limited either by bearing deformation of the hole
or by block shear rupture of the material upon which the bolt bears. Recent testing
by Kim and Yura (1996) and Lewis and Zwermeman (1996) has confirmed the bear-
ing strength provisions for the former case wherein the nominal bearing strength R,
isequal to CdrF, and Cis 2.4, 3.0, or 2.0 depending upon hole type and/or accept-
ability of hole ovalization at ultimate load as indicated in LRFD Specification Sec-
tion J3.10. However, this same research indicated the need for more accurate bear-
ing strength provisions when block-shear-rupture-type failure would control.
Appropriate equations for bearing strength as a function of clear distance .. are
therefore provided and this formulation is consistent with that adopted by RCSC in
the Load and Resistance Factor Design Specification for Structural Joints Using
ASTM A325 or 4490 Bolts (RCSC, 1994).

Frank and Yura (1981) demonstrated that hole elongation greater than / in. (6 mm)
will generally begin to develop as the bearing force is increased beyond ¢(2.4dtF,),
especially if it is combined with high tensile stress on the net section, even though
rupture does not occur; for a long-slotted hole with the slot perpendicular to the
direction of force, the same is true for a bearing force greater than ¢(2.0dtF,). An
upper bound of ¢(3.0d¢F,) anticipates hole ovalization (deformation greater than !,
in. (6 mm)) at maximum load.

Additionally, to simplify and generalize such bearing strength calculations, the cur-
rent provisions have been based upon a clear-distance formulation. Previous provi-
sions utilized edge distances and bolt spacings measured to hole centerlines with
adjustment factors to account for varying hole type and orientation, as well as mini-
mum edge distance requirements.

Long Grips

Provisions requiring a decrease in calculated stress for A307 bolts having long
grips (by arbitrarily increasing the required number in proportion to the grip length)
are not required for high-strength bolts. Tests (Bendigo, Hansen, and Rumpf, 1963)
have demonstrated that the ultimate shearing strength of high-strength bolts having
a grip of cight or nine diameters is no less than that of similar bolts with much
shorter grips.

DESIGN RUPTURE STRENGTH

Tests (Birkemoe and Gilmor, 1978) on coped beams indicated that a tearing failure
mode (rupture) can occur along the perimeter of the bolt holes as shown in Figure
C-J4.1. This block shear mode combines tensile strength on one plane and shear
strength on a perpendicular plane. The failure path is defined by the center lines of
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the bolt holes. The block shear failure mode is not limited to the coped ends of
beams. Other examples are shown in Figure C-J4.1 and C-J4.2.

The block shear failure mode should also be checked around the periphery of
welded connections. Welded connection block shear is determined using ¢=0.75 in
conjunction with the arca of both the fracture and yielding planes (Yura, 1988).

The LRFD Specification has adopted a conservative model to predict block shear
strength. Test results suggest that it is reasonable to add the vield strength on one
plane to the rupture strength of the perpendicular plane (Ricles and Yura, 1983, and
Hardash and Bjorhovde, 1985). Therefore, two possible block shear strengths can
be calculated; rupture strength £, on the net tensile section along with shear yield-
ing 0.6/, on the gross section on the shear plane(s), or rupture 0.6/, on the net shear
arca(s) combined with yielding F), on the gross tensile area. This is the basis of
Equations J4-3a and J4-3b.

These equations are consistent with the philosophy in Chapter D for tension mem-
bers, where gross area is used for the limit state of yiclding and net area is used for
rupture. The controlling equation is the one that produces the /arger rupture force.

Cope
Soam Failure by fearing
Failure by fearing % OU:_, of shaded
<. Shear out of shaded  spoqr portion
area portion area~/ ||~ |“Tensile
- Tensile area
area

=

Fig. C-J4.1. Failure for block shear rupture limit state.

-Small tension

force —Large fension
f
| }la P ;& oree
Large shear L
force Small shear
P, P, force

(a) (b)

Fig. C-J4.2. Block shear rupture in tension.
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This can be explained by the two extreme examples given in Figure C-J4.2. In Case
(a), the total force is resisted primarily by shear, so shear rupture, not shearyielding,
should control the block shear tearing mode; therefore, use Equation J4-3b. For
Case (b), block shear cannot occur until the tension area ruptures as given by Equa-
tion J4-3a. If Equation J4-3b (shear rupture on the small area and yielding on the
large tension area) is checked for Case (b), a smaller P, will result. In fact, as the
shear area gets smaller and approaches zero, the use of Equation J4-3b for Case (b)
would give a block shear strength based totally on yiel/ding of the gross tensile arca.
Block shearis a rupture or tearing phenomenon not a yielding limit state. Therefore,
the proper equation to use is the one with the larger rupture term.

CONNECTING ELEMENTS
Design Strength of Connecting Elements in Tension

Tests have shown that yield will occur on the gross section area before the tensile
capacity of the net section is reached, if the ratio 4, /4, <0.85 (Kulak et al., 1987).
Since the length of connecting elements is small compared to the member length,
inelastic deformation of the gross section is limited. Hence, the effective net arca 4,
of the connecting element is limited to 0.854, in recognition of the limited inelastic
deformation and to provide a reserve capacity.

FILLERS

The practice of securing fillers by means of additional fasteners, so that they are, in
cffect, an integral part of a shear-connected component, is not required where a con-
nection is designed to be a slip-critical connection using high-strength bolts. In such
connections, the resistance to slip between filler and either connected part is compara-
ble to that which would exist between the connected parts if no fill were present.

Filler plates may be used in lap joints of welded connections that splice parts of dif-
ferent thickness, or where there may be an offset in the joint.

BEARING STRENGTH

The LRFD Specification provisions for bearing on milled surfaces, Section J8, fol-
low the same philosophy of earlier AISC ASD Specifications. In general, the
design is governed by a deformation limit state at service loads resulting in stresses
nominally at %, of vield. Adequate safety is provided by post-vield strength as
deformation increases. Tests on pin connections (Johnston, 1939) and on rockers
(Wilson, 1934) have confirmed this behavior.

ETINS

As used throughout the LRFD Specification, the terms “milled surface,” “milled,”
and “milling” are intended to include surfaces which have been accurately sawed or
finished to a true plane by any suitable means.

COLUMN BASES AND BEARING ON CONCRETE

The equations for resistance of concrete in bearing are the same as ACI 318-99
except that AISC equations use ¢ = 0.60 while ACI uses ¢ =0.70, since ACI speci-
fies larger load factors than the ASCE load factors stipulated by AISC.

See DeWolfand Ricker (1990) for guidelines on the design of column base plates.
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CHAPTERK

CONCENTRATED FORCES, PONDING, AND FATIGUE

FLANGES AND WEBS WITH CONCENTRATED FORCES
Design Basis

The LRFD Specification separates flange and web strength requirements into dis-
tinct categories representing different limit state criteria, i.c., flange local bending
(Section K1.2), web local vielding (Section K 1.3), web crippling (Section K1.4),
web sidesway buckling (Section K 1.5), web compression buckling (Section K 1.6),
and web panel-zone shear (Section K1.7).

These criteria are applied to two distinct types of concentrated forces which act on
member flanges. Single concentrated forces may be tensile, such as those delivered
by tension hangers, or compressive, such as those delivered by bearing plates at
beam interior positions, reactions at beam ends, and other bearing connections.
Double concentrated forces, one tensile and one compressive, form a couple onthe
same side of the loaded member, such as that delivered to column flanges through
welded and bolted moment connections. See Carter (1999) for guidelines on col-
umn stiffener design.

Flange Local Bending

Where a tensile force is applied through a plate welded across a flange, that flange
must be sufficiently rigid to prevent deformation of the flange and the correspond-
ing high-stress concentration in the weld in line with the web.

The effective column flange length for local flange bending is 124, (Graham, et al.,
1959). Thus, it is assumed that vield lines form in the flange at 6¢,in each direction
from the point of the applied concentrated force. To develop the fixed edge consis-
tent with the assumptions of this model, an additional 4/, and therefore a total of
101, 1s required for the full flange-bending strength given by Equation K1-1. In the
absence of applicable research, a 50 percent reduction has been introduced for
cases wherein the applied concentrated force is less than 10¢,from the memberend.

This criterion given by Equation K 1-1 was originally developed for moment con-
nections, but it also applies to single concentrated forces such as tension hangers
consisting of a plate welded to the bottom flange of a beam and transverse to the
beam web.

Web Local Yielding

The web strength criteria have been established to limit the stress in the web of a
member into which a force is being transmitted. It should matter little whether the
member receiving the force is a beam or a column; however, Galambos (1976) and
AISC (1978), references upon which the LRFD Specification is based, did make
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such a distinction. For beams, a 2:1 stress gradient through the flange was used,
whereas the gradient through column flanges was 24:1. In Section K 1.3, the 214 :1
gradient is used for both cases.

This criterion applies to both bearing and moment connections.
Web Crippling

The expression for resistance to web crippling at a concentrated force is a departure
from carlier specifications (IABSE, 1968; Bergfelt, 1971; Hoglund, 1971; and
Elgaaly, 1983). Equations K 1-4 and K 1-5 are based on research by Roberts (1981).
The increase in Equation K1-5b for N/ d> 0.2 was developed after additional test-
ing (Elgaaly and Salkar, 1991) to better represent the effect of longer bearing
lengths at ends of members. All tests were conducted on bare steel beams without
the expected beneficial contributions of any connection or floor attachments. Thus,
the resulting criteria are considered conservative for such applications.

These equations were developed for hearing connections, but are also generally
applicable to moment connections. However, for the rolled shapes listed in Part 1 of
the LRFD Manual with /, not greater than 50 ksi (345 MPa), the web crippling cri-
terion will never control the design in a moment connection except for a W12x50
(W310x74) or W10x33 (W250x49.1) column.

The web crippling phenomenon has been observed to occur in the web adjacent to
the loaded flange. For this reason, a half-depth stiffener (or stiffeners) or a
half-depth doubler plate is expected to eliminate this limit state.

Web Sidesway Buckling

The web sidesway buckling criterion was developed after observing several unex-
pected failures in tested beams (Summers and Yura, 1982). In those tests the com-
pression flanges were braced at the concentrated load, the web was squeezed into
compression, and the tension flange buckled (see Figure C-K1.1).

Web sidesway buckling will not occurin the following cases. For flanges restrained
against rotation:

i’//li‘“ 523 (CKI-1)
S
— i N —= B3 ——Brace
// \\
- s N -
—TegwWa
L Tension flange \Web sidesway
puckie

Fig. C-K1.1. Web sidesway buckling.
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For flanges not restrained against rotation:
hity
[/by

>17 (C-K1-2)

where / is as shown in Figure C-K 1.2,

Web sidesway buckling can also be prevented by the proper design of lateral brac-
ing or stiffeners at the load point. It is suggested that local bracing at both flanges be
designed for one percent of the concentrated force applied at that point. Stiffeners
must extend from the load point through at least one-half the beam or girder depth.
In addition, the pair of stiffeners should be designed to carry the full load. If flange
rotation is permitted at the loaded flange, neither stiffeners nor doubler plates will
be effective.

Inthe 1st Edition LRFD Manual, the web sidesway buckling equations were based
on the assumption that /2 / f,= 40, a convenient assumption which is generally true
for economy beams. This assumption has been removed so that the equations will
be applicable to all sections.

This criterion was developed only for hearing connections and does not apply to
moment connections.

6.  Web Compression Buckling

When compressive forces are applied to both flanges of a member at the same loca-

i
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x = Braced point
Fig. C-K1.2. Unbraced flange length.
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tion, as by moment connections at both flanges of a column, the member web must
have its slenderness ratio limited to avoid the possibility of buckling. This is done in
the LRFD Specification with Equation K 1-8, which is a modified form of a similar
equation used in the ASD Specification. This equation is applicable to a pair of
moment connections, and to other pairs of compressive forces applied at both
flanges of a member, for which N /dis small (<1). When N /d is not small, the mem-
ber web should be designed as a compression member in accordance with Chapter
E.

Equation K1-8 is predicated on an interior member loading condition. In the
absence of applicable research, a 50 percent reduction has been introduced for
cases wherein the compressive forces are close to the member end.

Equation K 1-8 has also traditionally been applied when there is a moment connec-
tion to only one flange of the column and compressive force is applied to only one
flange. Its use in this case is conservative.

Web Panel-Zone Shear

The column web shear stresses may be high within the boundaries of the rigid con-
nection of two or more members whose webs lic in a common plane. Such webs
should be reinforced when the calculated factored force XF, along plane A-A in
Figure C-K1.3 exceeds the column web design strength 0R,, where

M M
IFo=—dy—2_y C-K1-3
" d”'l dm2 " ( )

and

M =M, +M 6 =the sum of the moments due to the factored lateral load
M,,;;, and the moments due to factored gravity load M,
onthe windward side of the connection, kip-in. (N-mm)

Mo =M 21, + M o6 = the difference between the moments due to the factored
lateral load M, ; and the moments due to factored gravity

Story shear, V,

Al

ZF, |

A — A =
Wy C_;g < lr < >Mul
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——Vu

Fig C-K1.3. Forces in panel zone.
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load M, on the windward side of the connection, kip-in.
(N-mm)

d,..d,, = distance between flange forces in a moment connection,
in. (mm)

Conservatively, 0.95 times the beam depth has been used for d,, in the past.

If2F, < 0R,, no reinforcement is necessary, i.e., 4., < f,,, where /,, is the column web
thickness.

Consistent with elastic first order analysis, Equations K1-9 and KI-10 limit
pancl-zone behavior to the elastic range. While such connection panels possess
large reserve capacity beyond initial general shear yielding, the corresponding
inelastic joint deformations may adversely affect the strength and stability of the
frame or story (Fielding and Huang, 1971, and Fielding and Chen, 1973).
Panel-zone shear yielding affects the overall frame stiffness and, therefore, the ulti-
mate-strength second-order effects may be significant. The shear/axial interaction
expressionof EquationK1-10, as shown in Figure C-K 1.4, is chosen to ensure elas-
tic panel behavior,

If adequate connection ductility is provided and the frame analysis considers the
inelastic panel-zone deformations, then the additional inelastic shear strength is
recognized in Equations K1-11 and K1-12 by the factor

2
| 3blh
d/)dL tw

This inelastic shear strength has been most often utilized for design of frames in
high seismic zones and should be used when the panel zone is to be designed to
match the strength of the members from which it is formed.

The shear/axial interaction expression incorporated in Equation K 1-12 (see Figure
C-K1.5) is similar to that contained in the previous editions of this Specification

ol<o

Fig. C-K1.4. Interaction of shear and axial force—elastic.
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and recognizes the observed fact that when the panel-zone web has completely
vielded in shear, the axial column load is carried in the flanges.

PONDING

As used in the LRFD Specification, ponding refers to the retention of water due
solely to the deflection of flat roof framing. The amount of this water is dependent
upon the flexibility of the framing. Lacking sufficient framing stiffness, its accumu-
lated weight can result in collapse of the roof if a strength evaluation is not made.

Representing the deflected shape of the primary and critical secondary member as a
half-sine wave, the weight and distribution of the ponded water can be estimated
and, from this, the contribution that the deflection each of these members makes to
the total ponding deflection can be expressed (Marino, 1966):

For the primary member:

P pAo[1+0.2510c, +0.257p(1+ oty )]

1-0.25m0c 0t

For the secondary member:

oS, 1+ o+ & (14 0, )+0.1850, 00
8 B 32 P Sp P P

W

1-0.25m0 0,

In these expressions A, and 9, are, respectively, the primary and secondary beam
deflections due to loading present at the initiation of ponding,

o, =C,/(1-C,) o, =C, /(1-C, ) andp=8,/A,=C, /C,

Using the above expressions for A,, and 3, , the ratios A,, /A, and b,,/ 8, can be com-
puted for any given combination of primary and secondary beam framing using,
respectively, the computed value of parameters C, and C; defined in the LRFD
Specification.

R, 1.0

chffcf) 0.7
0.6f,d.1, 0.1,

Fig. C-K1.5. Interaction of shear and axial force—inelastic.
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w

Even on the basis of unlimited clastic behavior, it is seen that the ponding deflec-
tions would become infinitely large unless

C, C, 4
<_
l—Cp 1-C, T

Since elastic behavior is not unlimited, the effective bending strength available in
cach member to resist the stress caused by ponding action is restricted to the differ-
ence between the yield stress of the member and the stress f, produced by the total
load supported by it before consideration of ponding is included.

Note that clastic deflection is directly proportional to stress. The admissible amount
of ponding in ¢ither the primary or critical (midspan) secondary member, in terms
of the applicable ratio A,, /A, and §,, /8, can be represented as (F, — f,)/ fo. Substi-
tuting this expression for A, /A, and §,. / d,, and combining with the foregoing
expressions for A, and d,,, the relationship between critical values for C,and C,and
the available elastic bending strength to resist ponding is obtained. The curves
presented in Figures A-K2.1 and A-K2.2 are based upon this relationship. They
constitute a design aid for use when a more exact determination of required flat
roof framing stiffness is needed than given by the LRFD Specification provision
that C, +0.9C; £0.25.

Given any combination of primary and secondary framing, the stress index is com-
puted as

Jo

Fo— /o .
U, :(yif) for the primary member
P

U, (Fy —Jo

Jo

) for the secondary member
s

where £, in eachcase, is the computed bending stress, ksi (MPa), inthe member due
to the supported loading, neglecting ponding effect. Depending upon geographic
location, this loading should include such amount of snow as might also be present,
although ponding failures have occurred more frequently during torrential summer
rains when the rate of precipitation exceeded the rate of drainage runoff and the
resulting hydraulic gradient over large roof areas caused substantial accumulation
of water some distance from the caves.

Given the size, spacing, and span of a tentatively selected combination of primary
and secondary beams, for example, one may enter Figure A-K2.1 at the level of the
computed stress index U, determined for the primary beam; move horizontally to
the computed C; value of the secondary beams; then move downward to the
abscissa scale. The combined stiffness of the primary and secondary framing is suf-
ficient to prevent ponding if the flexibility constant read from this latter scale is
more than the vatue of C, computed for the given primary member; il not, a stiffer
primary or secondary beam, or combination of both, is required.

If the roof framing consists of a series of equally-spaced wall-bearing beams, they
would be considered as secondary members, supported on an infinitely stiff pri-
mary member. For this case, one would use Figure A-K2.2. The limiting value of C
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would be determined by the intercept of a horizontal line representing the U, value
and the curve for C, = 0.

The ponding deflection contributed by a metal deck is usually such a small part of
the total ponding deflection of a roof panel that it is sufficient merely to limit its
moment of inertia [in.! per foot (mm* per meter) of width normal to its span] to
0.000025 (3 940) times the fourth power of its span length, as provided inthe LRFD
Specification. However, the stability against ponding of a roof consisting of a metal
roof deck of relatively slender depth-span ratio, spanning between beams sup-
ported directly on columns, may need to be checked. This can be done using Figure
A-K2.1 or A-K2.2 with the following computed values:

U, = stress index for the supporting beam

U, = stress index for the roof deck

C, = flexibility constant for the supporting beams

C, = flexibility constant for one foot width of the roof deck (S=1.0)

Since the shear rigidity of the web system is less than that of a solid plate, the
moment of inertia of steel joists and trusses should be taken as somewhat less than
that of their chords.

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



CHAPTERL

SERVICEABILITY DESIGN CONSIDERATIONS

Serviceability criteria are formulated to prevent disruptions of the functional use and
damage to the structure during its normal everyday use. While malfunctions may not
result in the collapse of a structure or in loss of life or injury, they can seriously impair the
uscfulness of the structure and lead to costly repairs. Neglect of serviceability may result
in unacceptably flexible structures.

There are essentially three types of structural behavior which may impair serviceability:

(1) Excessive local damage (local vielding, buckling, slip, or cracking) that may require
excessive maintenance or lead to corrosion.

(2) Excessive deflection or rotation that may affect the appearance, function, or drainage
of the structure, or may cause damage to nonstructural components and their attach-
ments.

(3) Excessive vibrations induced by wind or transient live loads which affect the comfort
of occupants of the structure or the operation of mechanical equipment.

In allowable stress design, the AISC Specification accounts for possible local damage
with factors of safety included inthe allowable stresses, while deflection and vibrationare
controlled, directly orindirectly, by limiting deflections and span-depth ratios. In the past,
these rules have led to satisfactory performance of structures, with perhaps the exception
of large open floor areas without partitions. In LRFD the serviceability checks should
consider the appropriate loads, the response of the structure, and the reaction of the occu-
pants to the structural response.

Examples of loads that may require consideration of serviceability include permanent
live loads, wind, and earthquake; effects of human activities such as walking, dancing,
etc.; temperature fluctuations; and vibrations induced by traffic near the building orby the
operation of mechanical equipment within the building.

Serviceability checks are concerned with adequate performance under the appropriate
load conditions. Elastic behavior can usually be assumed. However, some structural ele-
ments may have to be examined with respect to their long-term behavior under load.

It is difficult to specify limiting values of structural performance based on serviceability
considerations because these depend to a great extent on the type of structure, its intended
use, and subjective physiological reaction. For example, acceptable structural motionina
hospital clearly would be much less than in an ordinary industrial building. It should be
noted that humans perceive levels of structural motion that are far less than motions that
would cause any structural damage. Serviceability limits must be determined through
careful consideration by the designer and client.

Serviceability guidelines for low-rise buildings are given in Fisher and West (1990).
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CAMBER

The engineer should consider specifying camber when deflections at the appropri-
ate load level present a serviceability problem.

EXPANSION AND CONTRACTION

As in the case of deflections, the satisfactory control of expansion cannot be
reduced to a few simple rules, but must depend largely upon the good judgment of
qualified engineers.

The problem is more serious in buildings with masonry walls than with prefabri-
cated units. Complete separation of the framing, at widely spaced expansion joints,
is generally more satisfactory than more frequently located devices dependent
upon the sliding of parts in bearing, and usually less expensive than rocker or roller
expansion bearings.

Creep and shrinkage of concrete and yielding of steel are among the causes, other
than temperature, for dimensional changes.

DEFLECTIONS, VIBRATION, AND DRIFT
Detlections

Excessive transverse deflections or lateral drift may lead to permanent damage to
building elements, separation of cladding, or loss of weathertightness, damaging
transfer of load to non-load-supporting elements, disruption of operation of build-
ing service systems, objectionable changes in appearance of portions of the build-
ings, and discomfort of occupants.

The LRFD Specification does not provide specific limiting deflections for individ-
ual members or structural assemblies. Such limits would depend on the function of
the structure (ASCE, 1979; CSA, 1989; and Ad Hoc Committee on Servicability
Research, 1986). Provisions that limit deflections to a percentage of span may not
be adequate for certain long-span floor systems; a limit on maximum deflection
that is independent of span length may also be necessary to minimize the possibility
of damage to adjoining or connecting nonstructural elements.

Deflection calculations for composite beams should include an allowance for slip
for short-term deflection calculations, and for creep and shrinkage for long-term
deflection calculations (see Commentary Section 13.2).

Floor Vibration

The increasing use of high-strength materials and efficient structural schemes leads
to longer spans and more flexible floor systems. Even though the use of a deflection
limit related to span length generally precluded vibration problems in the past,
some floor systems may require explicit consideration of the dynamic, as well as
the static, characteristics of the floor system.

The dynamic response of structures or structural assemblies may be difficult to ana-
lvze because of difficulties in defining the actual mass, stiffness, and damping char-
acteristics. Moreover, different load sources cause varying responses. For example,
a steel beam-concrete slab floor system may respond to live loading as a
non-composite system, but to transient excitation from human activity as an

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



Comm. L5.] CORROSION 259

orthotropic composite plate. Nonstructural partitions, cladding, and built-in furni-
ture significantly increase the stiffness and damping of the structure and frequently
eliminate potential vibration problems. The damping can also depend on the ampli-
tude of excitation.

The general objective in minimizing problems associated with excessive structural
motion is to limit accelerations, velocities, and displacements to levels that would
not be disturbing to the building occupants. Generally, occupants of a building find
sustained vibrations more objectionable than transient vibrations.

The levels of peak acceleration that people find annoying depend on frequency of
response. Thresholds of annoyance for transient vibrations are somewhat higher
and depend on the amount of damping in the floor system. These levels depend on
the individual and the activity at the time of excitation (ASCE, 1979; ISO, 1974;
CSA, 1989; Murray, Allen, and Ungar, 1997; and Ad Hoc Committee on Service-
ability Research, 1986).

The most effective way to reduce effects of continuous vibrations is through vibra-
tion isolation devices. Care should be taken to avoid resonance, where the fre-
quency of steady-state excitation is close to the fundamental frequency of the sys-
tem. Transient vibrations are reduced most effectively by increasing the damping in
the structural assembly. Mechanical equipment which can produce objectionable
vibrations in any portion of a structure should be adequately isolated to reduce the
transmission of such vibrations to critical elements of the structure.

Drift

The LRFD Specification does not provide specific limiting values for lateral drift.
If a drift analysis is desired, the stiffening effect of non-load-supporting elements
such as partitions and infilled walls may be included in the analysis of drift.

Some irrecoverable inclastic deformations may occur at given load levels in certain
types of construction. The effect of such deformations may be negligible or serious,
depending on the function of the structure, and should be considered by the
designer on a case by case basis.

The deformation limits should apply to structural assemblics as a whole. Reason-
able tolerance should also be provided for creep. Where load cycling occurs, con-
sideration should be given to the possibility of increases in residual deformation
that may lead to incremental failure.

CORROSION

Steel members may deteriorate in particular service environments. This deteriora-
tion may appear either in external corrosion, which would be visible upon inspec-
tion, or in undetected changes that would reduce its strength. The designer should
recognize these problems by either factoring a specific amount of damage tolerance
into the design or providing adequate protection systems (e.g., coatings, cathodic
protection) and/or planned maintenance programs so that such problems do not
occur.
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CHAPTERM

FABRICATION, ERECTION, AND QUALITY CONTROL

M2. FABRICATION

1.

Cambering, Curving, and Straightening

The use of heat for straightening or cambering members is permitted for
A514/A514M and A852/A852M steel, as it is for other steels. However, the maxi-
mum temperature permitted is 1,100°F (593°C) compared to 1,200°F (649°C) for
other steels.

Cambering of flexural members, when required by the contract documents, may be
accomplished in various ways. In the case of trusses and girders, the desired curva-
ture can be built in during assembly of the component parts. Within limits, rolled
beams can be cold-cambered at the producing mills.

Local application of heat has come into common use as a means of straightening or
cambering beams and girders. The method depends upon an ultimate shortening of
the heat-affected zones. A number of such zones, on the side of the member that
would be subject to compression during cold-cambering or “gagging.” are heated
cnough to be “upset” by the restraint provided by surrounding unheated areas.
Shortening takes place upon cooling.

While the final curvature or camber can be controlled by these methods, it must be
realized that some deviation, due to workmanship error and permanent change due
to handling, is inevitable.

Thermal Cutting

Preferably thermal cutting shall be done by machine. The requirement for a positive
preheat of 150°F (66°C) minimum when thermal cutting beam copes and weld
access holes in ASTM A6/A6M Group 4 and 5 shapes, and in built-up shapes made
of material more than two in. (50 mm) thick, tends to minimize the hard surface
layer and the initiation of cracks.

Bolted Construction

In the past, it has been required to tighten alt ASTM A325 or A325M and A490 or
A490M bolts in both slip-critical and bearing-type connections to a specified ten-
sion. The requirement was changed in 1985 to permit most bearing-type connec-
tions to be tightened to a snug-tight condition.

In a snug-tight bearing connection, the bolts cannot be subjected to tension loads,
slip can be permitted, and loosening or fatigue due to vibration or load fluctuations
are not design considerations.
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M3.

M4.

It is suggested that snug-tight bearing-type connections be used in applications
where A307 bolts would be permitted.

This section provides rules for the use of oversized and slotted holes paralleling the
provisions which have been in the RCSC Specification (RCSC, 1994) since 1972,
extended to include A307 bolts which are outside the scope of the high-strength
bolt specifications.

SHOP PAINTING

The surface condition of steel framing disclosed by the demolition of long-standing
buildings has been found to be unchanged from the time of its erection, except at
isolated spots where leakage may have occurred. Even in the presence of leakage,
the shop coat is of minor influence (Bigos, Smith, Ball, and Foehl, 1954).

The LRFD Specification does not define the type of paint to be used when a shop
coat is required. Conditions of exposure and individual preference with regard to
finish paint are factors which bear on the selection of the proper primer. Hence, a
single formulation would not suffice. Fora comprehensive treatment of the subject,
see SSPC (1989).

Surfaces Adjacent to Field Welds

The Specification allows for welding through surface materials, including appro-
priate shop coatings, that do not adversely affect weld quality nor create objection-
able fumes.

ERECTION
Bracing

For information on the design of temporary lateral support systems and compo-
nents for low-rise building, see Fisher and West (1997).

Fit of Column Compression Joints and Base Plates

Tests at the University of California-Berkeley (Popov and Stephen, 1977) on spliced
full-size columns with joints that had been intentionally milled out-of-square, rela-
tive to cither strong or weak axis, demonstrated that the load-carrying capacity was
the same as that for a similar unspliced column. In the tests, gaps of }{,-in. (2 mm)
were not shimmed; gaps of ¥4-in. (6 mm) were shimmed with non-tapered mild steel
shims. Minimum size partial-joint-penetration welds were used in all tests. No tests
were performed on specimens with gaps greater than J4-in. (6 mm).

Field Welding

The purpose of wire brushing shop paint on surfaces adjacent to joints to be ficld
welded is to reduce the possibility of porosity and cracking and also to reduce any
environmental hazard. Although there are limited tests which indicate that painted
surfaces result in sound welds without wire brushing, other studies have resulted in
excessive porosity and/or cracking when welding coated surfaces. Wire brushing to
reduce the paint film thickness minimizes rejectable welds. Grinding or other pro-
cedures beyond wire brushing is not necessary.
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N1.

N2.

CHAPTER N

EVALUATION OF EXISTING STRUCTURES

GENERAL PROVISIONS

The load combinations referred to in this chapter reflect gravity loading because it
is the most prevalent condition encountered. If other loading conditions are a con-
sideration, such as lateral loads, the appropriate load combination from ASCE 7
(ASCE, 1998) or from the applicable building code should be used. Guidelines for
seismic evaluation are available in other publications (FEMA, 1997a and 1997b).
The Engineer of Record for a project is generally established by the owner.

MATERIAL PROPERTIES
Determination of Required Tests

The extent of tests required depends on the nature of the project, the criticality of the
structural system or member evaluated, and the availability of records pertinent to
the project. Thus, the Engineer of Record is required to determine the specific tests
required and the locations from which specimens are to be obtained.

Tensile Properties

Samples required for tensile tests should be removed from regions of reduced
stress, such as at flange tips at beam ends and external plate edges, to minimize the
effects of the reduced area. The number of tests required will depend on whether
they are conducted to merely confirm the strength of a known material or to estab-
lish the strength of some other steel. Guidance on the appropriate minimum number
of tests is available (FEMA, 1997a).

It should be recognized that the yield stress determined by standard ASTM meth-
ods and reported by mills and testing laboratories is somewhat greater than the
static yield stress because of dynamic effects of testing. Also, the test specimen
location may have an effect. These effects have already been accounted for in the
nominal strength equations in the Specification. However, when strength evalua-
tion is done by load testing, this effect should be accounted for in test planning
because yielding will tend to occur carlier than otherwise anticipated. The static
yield stress, /7, can be estimated from that determined by routine application of
ASTM methods, F;, by the following equation (Galambos, 1978 and 1998):

Fy =R(F, —4) (C-N2-1)
(Metric: Fyy =R(F, =27)) (C-N2-1M)
where
Fs = static yield stress, ksi (MPa)
F, = reported yield stress, ksi (MPa)
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N3.

N4.

R =0.95 for tests taken from web specimens
R = 1.00 for tests taken from flange specimens

The R factor in Equation C-N2-1 accounts for the effect of the coupon location on
the reported vield stress. Prior to 1997, certified mill test reports for structural
shapes were based on specimens removed fromthe web, inaccordance with ASTM
A6/A6M. Subsequently the specified coupon location was changed to the flange.
During 1997-1998, there was a transition from web specimens to flange specimens
as the new provisions of ASTM A6/A6M were adopted.

Base Metal Notch Toughness

The Engineer of Record shall specify the location of samples. Samples shall be
cored, flame cut, or saw cut. The Engineer of Record will determine if remedial
actions are required, such as the possible use of bolted splice plates.

Weld Metal

Because connections typically have a greater reliability index than structural mem-
bers, strength testing of weld metal is not usually necessary. However, field investi-
gations have sometimes indicated that complete-joint-penctration welds, such as at
beam-to-column connections, were not made inaccordance with AWSD1.1 (AWS,
1998). The specified provisions in Section N2.4 provide a means for judging the
quality of such a weld. Where feasible, any samples removed should be obtained
from compression splices rather than tension splices, because the effects of repairs
to restore the sampled area are less critical.

Bolts and Rivets

Because connections typically have a greater reliability index than structural mem-
bers, removal and strength testing of fasteners is not usually necessary. However,
strength testing of bolts is required where they can not be properly identified other-
wise. Because removal and testing of rivets is difficult, assuming the lowest rivet
strength grade simplifies the investigation.

EVALUATION BY STRUCTURAL ANALYSIS
Strength Evaluation

Resistance factors reflect variations in determining strength of members and con-
nections, such as uncertainty in theory and variations in material properties and
dimensions. If an investigation of an existing structure indicates that there are varia-
tions in material properties or dimensions significantly greater than those antici-
pated in new construction, the Engineer of Record should consider the use of more
conservative values.

EVALUATION BY LOAD TESTS
Determination of Live Load Rating by Testing

Generally, structures that can be designed according to the provisions of this Speci-
fication need no confirmation of calculated results by test. However, special situa-
tions may arise when it is desirable to confirm by tests the results of calculations.
Minimal test procedures are provided to determine the live load rating of a struc-
ture. However, in no case is the live load rating determined by test to exceed that
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which can be calculated using the provisions of the Specification. This is not
intended to preclude testing to evaluate special conditions or configurations that are
not adequately covered by this Specification.

It is essential that the Engincer of Record take all necessary precautions to ensure
that the structure does not fail catastrophically during testing. A careful assessment
of structural conditions before testing is a fundamental requirement. This includes
accurate measurement and characterization of the size and strength of members,
connections, and details. All safety regulations of OSHA and other pertinent bodies
must be strictly adhered to. Shoring and scaffolding should be used as required in
the proximity of the test area to mitigate against unexpected circumstances. Defor-
mations must be carefully monitored and structural conditions must be continually
evaluated. In some cases it may be desirable to monitor strains as well.

The Engineer of Record must use judgement to determine when deflections are
becoming excessive and terminate the tests at a safe level evenif the desired loading
has not been achieved. Incremental loading is specified so that deformations canbe
accurately monitored and the performance of the structure carefully observed.
Load increments should be small enough initially so that the onset of significant
yielding can be determined. The increment can be reduced as the level of inelastic
behavior increases, and the behavior at this level carefully evaluated to determine
when to safely terminate the test. Periodic unloading after the onset of inelastic
behavior will help the Engineer of Record determine when to terminate the test to
avoid excessive permanent deformation or catastrophic failure.

It must be recognized that the margin of safety at the maximum load level used in the
test may be very small, depending on such factors as the original design, the pur-
pose of the tests, and the condition of the structure. Thus, it is imperative that all
appropriate safety measures be adopted. It is recommended that the maximum live
load used for load tests be selected conservatively. It should be noted that experi-
ence in testing more than one bay of a structure is limited.

Criteria limiting increases in deformations for a period of one hour have been given
to ensure that the structure is stable at the loads evaluated.

A detailed discussion of reliability-based condition assessment of existing struc-
tures has been provided by Ellingwood (1996).

Serviceability Evaluation

In certain cases serviceability criteria must be determined by load testing. It should
be recognized that complete recovery (i.c., return to initial deflected shape) after
removal of maximum load is unlikely because of phenomena such as local yielding,
slip at the slab interface in composite construction, creep in concrete slabs, local-
ized crushing or deformation at shear connections in slabs, slip in bolted connec-
tions, and effects of continuity. Because most structures exhibit some slack when
load is first applied, it is appropriate to project the load-deformation curve back to
zero load to determine the slack and exclude it from the recorded deformations.
Where desirable, the applied load sequence can be repeated to demonstrate that the
structurc is csscntially clastic under scrvice loads and that the pcrmancnt sct is not
detrimental.
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NS5.

EVALUATION REPORT

Extensive evaluation and load testing of existing structures is often performed
when appropriate documentation no longer exists or when there is considerable dis-
agreement about the condition of a structure. The resulting evaluation is only effec-
tive if well documented, particularly when load testing is involved. Furthermore, as
time passes, various interpretations of the results can arise unless all parameters of
the structural performance, including material properties, strength, and stiffness,
are well documented.
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APPENDIX B

DESIGN REQUIREMENTS

LOCAL BUCKLING
Classification of Steel Sections

The limiting width-thickness A, and A, ratios for webs in pure flexure (P, / ¢,P, = 0)
and with axial compression have been revised in terms of (4 / f) rather than (4. / f).
The simplified formulation in Table B5.1 for A, based on double symmetry with
equal flanges (% /h.= 1) is unconservative when the compression flange is smaller
than the tension flange, and conservative if the reverse is true. The more accurate
limit is given in Appendix B5.1 as a function of /.. Figure C-A-B5.1 illustrates the
A, variation for axial compression and flange asymmetry effects.

The ¥ minimum and ¥ maximum restrictions on / / 4. in Equations A-B5-1 and
A-B5-2 approximately correspond to the 0.1 and 0.9 range of /,. /I, for a member to
be considered a singly symmetric I shape. Otherwise, when the flange areas differ
by more thana factor of two, the member should be conservatively designed as a tee
section.

(WNEyTE=1.49[142.83(% )(1- 55 )] (exact)

779
( f; )=72
5.87 Compression
5.70 flange

or (4)JFyJE =5.70(1-0.74 g

4.29 (simplifid, assuming {- =1)
(k)1
2.94 T - Compression ¢
flange
smaller (£ )=%5
149 - —— — = — — —
. A
' ' %,

0 05 1.0
Fig. C-A-B5.1. Web local buckling for I-shaped members.
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APPENDIX E

COLUMNS AND OTHER COMPRESSION MEMBERS

DESIGN COMPRESSIVE STRENGTH FOR
FLEXURAL-TORSIONAL BUCKLING

The equations in Appendix E3 for determining the flexural-torsional elastic buck-
ling loads of columns are derived in texts on structural stability (Timoshenko and
Gere, 1961; Bleich, 1952; Galambos, 1968; and Chen and Atsuta, 1977, for exam-
ple). Since these equations for flexural-torsional buckling apply only to elastic
buckling, they must be modified for inclastic buckling when F, > 0.5F,. This is
accomplished throughthe use of the equivalent slenderness factor A, =4/ F, / F..
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F1.

F3.

APPENDIXF

BEAMS AND OTHER FLEXURAL MEMBERS

DESIGN FOR FLEXURE

Three limit states must be investigated to determine the moment capacity of flex-
ural members: lateral-torsional buckling (LTB), local buckling of the compression
flange (FLB), and local buckling of the web (WLB). These limit states depend,
respectively, on the beam slenderness ratio L, / ,, the width-thickness ratio 5/ of
the compression flange and the width-thickness ratio /2 / £, of the web. For conve-
nience, all three measures of slenderness are denoted by A.

Variations in M, with Z, are shown in Figure C-F1.1. The discussion of plastic,
inelastic, and elastic buckling in Commentary Section F1 with reference to lat-
cral-torsional buckling applies here except for an important difference in the signif-
icance of A, for lateral-torsional buckling and local buckling. Values of A, for FLB
and WLB produce a compact section with a rotation capacity of about three (after
reaching M,) before the onset of local buckling, and therefore meet the require-
ments for plastic analysis of load effects (Commentary Section B5). On the other
hand, values of A,, for LTB do not allow plastic analysis because they do not provide
rotation capacity beyond that needed to develop A4, Instead L, < L,,,(Section F1.3)
must be satisfied.

Analyses to include restraint effects of adjoining elements are discussed in
Galambos (1998). Analysis of the lateral stability of members with shapes not cov-
ered in this appendix must be performed according to the available literature
(Galambos, 1998).

See the Commentary for Section B3 for the discussion of the equation regarding the
bending capacity of circular sections.

WEB-TAPERED MEMBERS
General Requirements

The provision contained in Appendix F3 covers only those aspects of the design of
tapered members that are unique to tapered members. For other criteria of design
not specifically covered in Appendix F3, see the appropriate portions of this Speci-
fication and Commentary.

The design of wide-flange columns with a single web taper and constant flanges
follows the same procedure as for uniform columns according to Section E2, except
the column slenderness parameter A, for major axis buckling is determined for a
slenderness ratio K, / r,,, and for minor axis buckling for KL / r,,, where K, is an
effective length factor for tapered members, X is the effective length factor for pris-
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matic members, and r., and r,, are the radii of gyration about the x and the y axes,
respectively, taken at the smaller end of the tapered member.

For stepped columns or columns with other than a single web taper, the elastic criti-
cal stress is determined by analysis or from data in reference texts or research
reports (Chapters 11 and 13 in Timoshenko and Gere (1961), Bleich (1952), and
Kitipornchai and Trahair (1980)), and then the same procedure of using Az is uti-
lized in calculating the factored resistance.

This same approach is recommended for open section built-up columns (columns
with perforated cover plates, lacing, and battens) where the elastic critical buckling
stress determination must include a reduction for the effect of shear. Methods for
calculating the clastic buckling strength of such columns are given in Chapter 12 of
the SSRC Guide (Galambos, 1998) and in Timoshenko and Gere (1961) and Bleich
(1952).

Design Compressive Strength

The approach in formulating F,, of tapered columns is based on the concept that the
critical stress for an axially loaded tapered column is equal to that of a prismatic col-
umn of different length, but of the same cross section as the smaller end of the
tapered column. This has resulted in an equivalent effective length factor X, for a
tapered member subjected to axial compression (Lee, Morrell, and Ketter, 1972).
This factor, which is used to determine the value of S in Equations A-F3-2 and A in
Equation E2-3, can be determined accurately for a symmetrical rectangular rigid
frame comprised of prismatic beams and tapered columns.

With modifying assumptions, such a frame can be used as a mathematical model to
determine with sufficient accuracy the influence of the stiffness Z(/ /b), of beams
and rafters which afford restraint at the ends of a tapered column in other cases such
as those shown in Figure C-A-F3.3. From Equations A-F3-2 and E2-3, the critical
load P,, canbe expressed as w°E1/(K,/)*. The value of K, canbe obtained by interpo-
lation, using the appropriate chart from Lee et al. (1972) and restraint modifiers G
and Gp. In each of these modifiers the tapered column, treated as a prismatic mem-
ber having a moment of inertia /,, computed at the smaller end, and its actual length

s
4

/
TIO

b bg, | bBZ |
— b - IO bT
br= 1, =T )T
_ bply _ o\ b
%= 71, %=7 )73,

Fig. C-A-F3.3. Restraint modifiers for tapered columns.
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/,is assigned the stiffness /,//, which is then divided by the stiffness of the restrain-
ing members at the end of the tapered column under consideration.

Design Flexural Strength

The development of the design bending stress for tapered beams follows closely
with that for prismatic beams. The basic concept is to replace a tapered beam by an
equivalent prismatic beam with a different length, but with a cross section identical
to that of the smaller end of the tapered beam (Lee et al., 1972). This has led to the
modified length factors 4, and 4, in Equations A-F3-6 and A-F3-7.

Equations A-F3-6 and A-F3-7 are based on total resistance to lateral buckling,
using both St. Venant and warping resistance. The factor B modifies the basic /7, to
members which are continuous past lateral supports. Categories a, b, and ¢ of
Appendix F3.4 usually apply; however, it is to be noted that they apply only when
the axial force is small and adjacent unbraced segments are approximately equal in
length. For a single member, or segments which do not fall into category a, b, ¢, ord,
the recommended value of B is unity. The value of B should also be taken as unity
when computing the value of F, to obtain A/, to be used in Equations H1-1 and
C1-1, since the effect of moment gradient is provided for by the factor C,,. The
background material is given in WRC Bulletin No. 192 (Morrell and Lee, 1974).
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APPENDIX G

PLATE GIRDERS

Appendix G is taken from AISI Bulletin 27 (Galambos, 1978). Comparable provisions
are included in the AISC ASD Specification. The provisions are presented in an appendix
as they are seldom used and produce designs which are often less economical than plate
girders designed without tension-field action.

The web slenderness ratio /1 / t,, = 570/ E'/ F,, that distinguishes plate girders from
beams is written in terms of the flange yield stress, because for hybrid girders inelastic
buckling of the web due to bending depends on the flange strain.

The equation for R, used in the 1986 LRFD Specification was the same as that used in the
AASHTO Standard Specification for Highway Bridges. In this edition, the equation for
R.,used in the AISC ASD Specification since 1969, is used because its derivation is pub-
lished (Gaylord, Gaylord, and Stallmeyer, 1992 and Joint ASCE-AASHTO Committee
on Flexural Members, 1968) and it is more accurate than the AASHTO equation.

G2. DESIGN FLEXURAL STRENGTH

Inprevious versions of the AISC Specification a coefficient of 0.00054, was used in
Rpg based on the work of Basler (1961). This value is valid for a,. < 2. In that same
paper, Basler developed a more general coefficient, applicable to all ratios of A, /A4,
which has been adopted because application of the previous equation to sections
with large a, values gives unreasonable results. An arbitrary limit of a, < 10 is
imposed so that the Rp; expression is not applied to sections approaching a tee
shape.

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



272

APPENDIX H

MEMBERS UNDER COMBINED FORCES AND TORSION

H3.

ALTERNATIVE INTERACTION EQUATIONS FOR MEMBERS
UNDER COMBINED STRESS

In the case of members not subject to flexural buckling, i.e., L, < L,4 the use of
somewhat more liberal interaction Equations A-H3-5 and A-H3-6 is acceptable as
an alternative when the flexure is about one axis only.

The alternative interaction Equations A-H3-1 and A-H3-2 for H and wide-flange
column shapes were taken from Galambos (1998), Springfield (1975), and Tebedge
and Chen (1974).

ForI-shaped members with 5,/d> 1.0, use of Section H1 is recommended, because
no additional research is available for this case.
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APPENDIX J

CONNECTIONS, JOINTS, AND FASTENERS

WELDS
Design Strength

When weld groups are loaded in shear by an external load that does not act through
the center of gravity of the group, the load is eccentric and will tend to cause a rela-
tive rotation and translation between the parts connected by the weld. The point
about which rotation tends to take place is called the instantancous center of rota-
tion. Its location is dependent upon the load eccentricity, geometry of the weld
group, and deformation of the weld at different angles of the resultant elemental
force relative to the weld axis.

The individual resistance force of eachunit weld element can be assumed to act ona
line perpendicular to a ray passing through the instantancous center and that ele-
ment’s location (see Figure C-A-J2.1).

The ultimate shear strength of weld groups can be obtained from the load deforma-
tion relationship of a single-unit weld element. This relationship was originally
given by Butler et al. (1972) for E60 (E43) electrodes. Curves for E70 (E48) elec-
trodes used in the Appendix were obtained by Lesik and Kennedy (1990).

Unlike the load-deformation relationship for bolts, strength and deformation per-
formance in welds are dependent on the angle that the resultant elemental force
makes with the axis of the weld element (see Figure C-A-J2.1). The actual load
deformation relationship for welds is given in Figure C-A-J2.2, taken from Lesik

v y
b r 0 a2
L o '
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Fig C-A-J2.1. Weld element nomenclature.
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and Kennedy (1990). Conversion of the SI equation to foot-pound units results in
the following weld strength equation for R,

R, =0852(L0+0.50 sin'> 0) Fyy A,

Because the maximum strength is limited to 0.60F gy for longitudinally loaded
welds (6 =0°), the LRFD Specification provision provides, in the reduced equation
coefficient, a reasonable margin for any variation in welding techniques and proce-
dures. To eliminate possible computational difficulties, the maximum deformation
inthe weld elements is limited to 0.17w. For design convenience, a simple elliptical
formula is used for f{p) to closely approximate the empirically derived polynomial
in Lesik and Kennedy (1990).

The total resistance of all the weld elements combine to resist the eccentric ultimate
load, and when the correct location of the instantancous center has been selected,
the three in-plane equations of statics (XF, , £F),, ZAf) will be satisfied. Numerical
techniques, suchas those given by Brandt (1982), have beendeveloped to locate the
instantancous center of rotation subject to convergent tolerances. Earlier editions of
the AISC Manual of Steel Construction (AISC, 1980, 1986a, 1989) took advantage
of the inelastic redistribution of stresses that is inherent in the Appendix J2.4 proce-
dure. However, in each of the utilized computational techniques the resulting coef-
ficients were factored down so that the maximum stress, at any point in the weld
group, did not exceed the limiting value specified by cither the Allowable Stress
Design or LRFD Specifications, 0.3F, or 0.6F,, respectively. As a result, the tabu-
lated weld-capacity data shown in the appropriate referenced manual tables will be
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Fig. C-A-J2.2. Load deformation relationship.
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found to be conservative relative to the data obtained using the computational pro-
cedure presented in Appendix J2.4.

LRFD Specification for Structural Steel Buildings, December 27, 1999
AMERICAN INSTITUTE OF STEEL CONSTRUCTION



276

APPENDIX K

CONCENTRATED FORCES, PONDING, AND FATIGUE

K3. DESIGN FOR CYCLIC LOADING (FATIGUE)

Because most members in building frames are not subject to a large enough number
of cycles of full design stress application to require design for fatigue, the provi-
sions covering such designs have been placed in Appendix K3.

When fatigue is a design consideration, its severity is most significantly affected by
the number of load applications, the magnitude of the stress range, and the severity
of the stress concentrations associated with the particular details. These factors are
not encountered in normal building designs; however, when encountered and when
fatigue is of concern, all provisions of Appendix K3 must be satisfied.

In general, members or connections subject to less than a few thousand cycles of
loading will not constitute a fatigue condition except possibly for cases involving
full reversal of loading and particularly sensitive categories of details. This is
because the admissible static design stress range will be limited by the admissible
static design stress. At low levels of cyclic tensile stress, a point is reached where
the stress range is so low that fatigue cracking will not initiate regardless of the
number of cycles of loading. This level of stress is defined as the fatigue threshold,
Fry.

Fluctuation in stress which does not involve tensile stress does not cause crack
propagationand is not considered to be a fatigue situation. Onthe other hand, in cle-
ments of members subject solely to calculated compressive stress, fatigue cracks
may initiate in regions of high tensile residual stress. In such situations, the cracks
generally do not propagate beyond the region of the residual tensile stress, because
the residual stress is relieved by the crack. For this reason, stress ranges that are
completely in compression need not be investigated for fatigue. For cases involving
cyclic reversal of stress the calculated stress range must be taken as the sum of the
compressive stress and the tensile stress caused by different direction or pattern of
applied live load.

When fabrication details involving more than one category occur at the same loca-
tion ina member, the stress range at that location must be limited to that of the most
restrictive category. By locating notch-producing fabrication details in regions sub-
ject to a small range of stress, the need for a member larger than required by static
loading will often be eliminated.

Extensive test programs (Fisher, Frank, Hirt, and McNamee, 1970, and Fisher,
Albrecht, Yen, and Klingerman, 1974) using full size specimens, substantiated by
theoretical stress analysis, have confirmed the following general conclusions:
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(1) Stress range and notch severity are the dominant stress variables for welded
details and beams.

(2) Other variables such as minimum stress, mean stress, and maximuin stress are
not significant for design purposes.

(3) Structural steels with yield points of 36 (250) to 100 ksi (690 MPa) do not
exhibit significantly different fatigue strength for given welded details fabri-
cated in the same manner.

Because the design stress range may be readily calculated from the equation for the
mean curve minus two standard deviations of the actual test data using modern hand
calculators or computers, the past method which relied upon multiple tables of
cycles of loading, stress categories, design stress ranges, and illustrative examples
has been replaced by a single table (Table A-K3.1). In the new format, the situation
description, the stress category, the ingredients for the applicable equation, instruc-
tive information and pertinent illustrative examples are presented in separate cells
across individual table rows. The sites of concern for potential crack initiation are
present in text and in example sketches. Similar format and consistent criteria is
being developed for the AWS Code and other Specifications.

A detail not covered by earlier editions of the Specification has been added (Frank
and Fisher, 1979) to cover tension-loaded plate elements connected at their end by
transverse groove or fillet welds in which there is more than a single site for the ini-
tiation of fatigue cracking, one of which will be more critical than the others
depending upon welded joint type and size and material thickness. Regardless of
the site within the joint at which potential crack initiation is considered, the design
stress range provided is applicable to connected material at the toe of the weld.

The fatigue resistance of bolts subject to tension is predictable in the absence of pre-
tension and prying action; and in this edition of the specification criteria are pro-
vided for such non-pretensioned details as hanger rods and anchor rods. In the case
of pretensioned bolts, deformation of the connected parts through which pretension
is applied introduces prying action, the magnitude of which is not completely pre-
dictable (Kulak et al., 1987). The effects of prying are not limited to a change inthe
average axial tension on the bolt but includes bending in the threaded area under the
nut. Because of the uncertainties, definitive criteria for calculating prying effects
and definitive criteria for design stress range are not included in the specification.
To limit the uncertainties regarding prying action on the fatigue of pretensioned
bolts in details which introduce prying, the design stress range provided in Table
A-K3.1 is appropriate for extended cyclic loading only if the pryving included in the
applied load is small.

Non-pretensioned fasteners are not permitted under the Specification for joints
subject to cyclic shear forces. Bolts installed in joints meeting all the requirements
for slip-critical connections survive unharmed when subject to cyclic shear stresses
sufficient to fracture the connected parts, for which criteria are provided in Section
2 of Table A-K3.1.
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Metric Conversion Factors for Common
Steel Design Units Used in the LRFD Specification

Unit Multiply by to obtain
length inch (in.) 25.4 millimeters (mm)
length foot (ft) 0.3048 meters (m)
mass pound-mass (Ibm) 0.4536 kilogram (kg)
stress ksi 6.895 megapascals (MPa), N/mm?
moment kip-in 113,000 N-mm
energy ft-1bf 1.356 joule (J)
force kip (1,000 Ibf) 4,448 newton (N)
force psf 47.88 pascal (Pa), N/m?
force plf 14.59 N/m
temperature To convert °F to °C: £° = ({7 —32)/1.8

force in Ibf or N = mass x g
where g, acceleration due to gravity = 32.2 ft/sec? = 9.81 m/sec?
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